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PREFACE

In recent years, large magnitude earthquakes such as that of Loma Prieta in
1989, that of Northridge in 1994 and that of Kobe in 1995 brought up clear
evidence of the fact that the current seismic design practice is still inadequate for the
damage control of some types of reinforced concrete structures. In fact, several
structural members, designed in accordance with relatively recent seismic design

provisions, drammatically collapsed during these seismic events.

A strong effort has been devoted throughout the world to the improvement
of seismic design codes and to the definition of a unified design phisolophy. New
design approaches have been developed in the last decade, while a considerable
amount of experimental studies was being conducted. It is now recognized that
satisfactory performance of reinforced concrete members under severe earthquake
attacks depends essentially on the deformation capacity. Large displacement and
ductility capacity have become, more than in the past, the objectives of seismic
design. Strength, by itself, is not sufficient to ensure structural safety during the

response to a strong seismic excitation.

Some key features were recognized to have a considerable influence on the
ability of the structures to possess large deformation capacity. For example, the

shear strength of structural components such as short bridge columns, beam-




column joints or offshore structures, was found to be difficult to predict and control
and to be a potential source of limited ductility capacity. As a consequence, a
considerable number of experimental programs were conducted in the US, in
Canada, in Japan and in Europe on the shear strength of this type of structural
components. At the same time, more sophisticated numerical models were
developed for the analysis of this type of structures, incorporating the influence of
shear-flexure interaction. Both the experimental and the numerical research
approaches to this class of problems have provided substantial contributions. In the
past, however, the interaction between the two approaches has not been much
effective, due to the fact that experimentalists generally aim at producing simple
predictive equations, while developers of numerical models do not enjoy the hard
work of making sense of experimental results. It is reasonable to believe instead that
a “mixed” approach (combining the advantages of both numerical modelling and
laboratory experiments) could be more productive. In fact, experimental
observations may be used both to suggest the type of simplifying assumptions to be
adopted for numerical models and to validate the results obtained with the

simulations.

Scope of the present work is to apply the “mixed” approach to the problem
of predicting the cyclic response of RC beam-column members subjected to a
combination of flexure and high shear. Experiments are conducted on the seismic
performance of large bridge columns subjected to high shear demand. A new
numerical beam model is proposed for the analysis of beam and column RC
members under cyclic excitations, with innovative features on the evaluation of the
shear behavior. The main assumptions used for the formulation are suggested by

experimental findings.

The first chapter of the dissertation is an introduction to the field of study,
the current state of the art in the specific problem and the motivation for the

research objective. The introduction starts from the factual evidence (indicating the




class of problems considered in the present work) and describes the current state of
knowledge attained with theoretical studies and with laboratory experiments.
Following the introduction, the state of the art methods of assessment are briefly
discussed (in chapter 2) and some of them are reviewed with more detail.
Subsequently, an overview of the experimental work conducted by the writer at the
University of California San Diego for the California Department of Transportation
Is presented in chapter 3. The observation of the experimental results highlights the
aspects that have led to the choices made in the definition of the numerical model.
The proposed finite element model is presented in detail in chapter 4, along with

some numerical verifications.







INTRODUCTION




The topics related to the seismic performance of RC beam-column members
subjected to high shear are introduced in the present chapter. The complexity and
the relevance of the problem in the field of Earthquake Engineering are well
explained with the aid of an example taken from the field evidence. Major
theoretical aspects are instead introduced during the presentation of the current
state of the art. The experimental and numerical research approaches to the aspects
that still remain controversial are discussed before the presentation of the original

contribution in the specific field of research.

1.1 FIELD EVIDENCE

Three major earthquakes (Loma Prieta, Northridge and Kobe) occurred in
the recent past showed that one of the major weaknesses of many common
structural systems was the insufficient shear strength of some components. This
aspect was particularly evident in bridge systems, where in several occasions shear
happened to be the cause of failure.

In the Kobe earthquake Error! Reference source not found. it was
particularly evident that the insufficient shear strength resulted in brittle failures of
bridge piers.




Figure 1 — Failure of a circular pier Figure 2 — Failure of a rectangular pier

In Figure 1 and in Figure 2, two examples of shear failures of bridge piers are
presented. In the first case, the pier cross section had a circular shape, while in the
second it had a rectangular shape. In both cases the piers were characterized by a
reduced ratio of the shear span to the section depth (i.e. less than 3.0). Steep
inclined cracks formed and the transverse reinforcement ruptured along the inclined
cracks. The amount of transverse steel was insufficient to resist the high level of

shear force.

In some cases the insufficient amount of transverse steel caused failure of
more slender members because of lack of concrete confinement and shear strength
at the same time. One of the most evident examples of this type of problems was

the failure of the viaducts of the Hanshin expressway (Figure 3).
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Figure 3 — Failure of the Fukae section of the Hanshin Expressway

The large size of the cross section of the piers and the presence of a heavy
superstructure attracted large shear forces. The lack of confinement caused limited
deformation capacity and poor concrete performance. A considerable number of
piers failed causing the collapse of the Benten and the Fukae section of the viaduct,
over 686m and 635m respectively.

It is interesting to look at the Fukae section (that represented in Figure 3), in
the present configuration, after the reconstruction (see Figure 4). The cross section
of the piers has been changed from the circular to the rectangular shape. The
original section was 3.0m in diameter, while the new one is 3.0x6.0m. The transverse
reinforcement was provided by 13mm hoops at 300mm interval in the old structure,
while in the new one it consists of 16mm stirrups at 125mm. The longitudinal
reinforcement of the new piers consists of 96 bars, 35mm in diameter and uniformly
distributed over the cross section. The new superstructure consists of a light steel
deck, isolated from the piers with rubber bearings. The foundations have not been

replaced.
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The Kobe Route has a new look which integrates strength
and beauty
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Figure 4 — The restoration of the Fukae section of the Hanshin Expressway

The potential vulnerability of this type of viaduct convinced the Japanese
designers to adopt base isolation and to abandon the objective of dissipating energy
through inelastic deformations in the piers.

This simple examination does not allow to fully understand the concepts
underlying the choices made in the design of the new structure. However, it is
evident that the general philosophy of ductility capacity (that is now commonly
accepted worldwide fot his type of structures) was not employed. It appears that
relying on ductility capacity in members subjected to high shear is neither feasible
nor economically convenient.

In fact, the most advantageous design principles to be used for this type of
structures are still controversial and the new design codes, drafted shortly after the
latest seismic events, are still incomplete on the aspects related to shear strength and
deformation capacity. The need for a progress in this area is therefore obvious. In
the next section, an overview of the work that has been carried out in this specific
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field in the past few years is presented. The objective of this brief summary is to
highlight the key problems that were encountered when dealing with the complex

problems of the shear critical structures.

1.2 STATE OF THE ART, FIELD OF STUDY AND MOTIVATION

At the end of the year 1998, the ASCE Journal of Structural Engineering
published a detailed state-of-the-art report Error! Reference source not found. on
the recent approaches to shear design in structural concrete. At the same time the
Structural Journal of the American Concrete Institute published a number of papers
Error! Reference source not found.Error! Reference source not found. on the
prediction of shear strength and failure modes of RC structures. Experimental and
analytical research on the same topic was also carried out in the US by the
University of California San Diego Error! Reference source not found.Error!
Reference source not found. and in Japan by the Public Works Research Institute.
Similar studies were also conducted at the European Laboratory for Structural
Assessment in Italy Error! Reference source not found..

The ASCE-ACI Committee 445 on Shear and Torsion wished that the
publication of a state-of-the-art report would “...stimulate the readers to actively discuss
the methods and the concepts presented in the document and that the discussion would facilitate
changes in the shear provisions for structural concrete”.

These considerations cleary indicate that the performance of RC members
subjected to severe shear demand is still not fully understood and that more
research is called for. The topic is obviously of particular relevance in the case of
seismic design, where shear happens to be a primary action on vertical supporting
members. As it was discussed above, a high shear demand often induces undesirable
and dangerous brittle failure mechanisms.

It would be beyond the scope of this thesis to review all of the work that has

been carried out in the past ten years in this field throughout the world. The main
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classes of approaches that have been used lately to predict the behavior in shear of
reinforced concrete members will be mentioned in the following. A review of some
of them is given in chapter 2.

Part of the research was conducted with the aim of deriving simple design
provisions and reliable predictive equations to be introduced into design codes.
During the last five years Error! Reference source not found., the ability to
predict shear strength and deformation capacity has been greatly improved by the
use of equations where the shear strength is expressed as a function of flexural
damage (i.e. displacement or curvature ductility). In both design and assessment of
RC elements in seismic regions, this approach allows better estimates be made on
the most probable failure mode and on the maximum deformation capacity.

Another group of researchers focused on developing analysis procedures for
beam-column members based on the Compression Field Approach Error!
Reference source not found.Error! Reference source not found.Error!
Reference source not found.. Reliable methods were derived to predict the
monotonic load-deformation response curve for members subjected to a
combination of shear and flexure. The approach presents the advantage of
describing in detail not only the structural behavior but also the role of transverse
steel in controlling diagonal cracking; further, it is supported by a large amount of
experimental verifications. At the expense of a certain complexity, the method
accurately simulates the behavior of cracked concrete as if it was a new material with
its own constitutive relations. The method has also been presented in a simplified
format to be used for design, in the new AASHTO code. The approach is applicable

to the design of structural members with or without transverse reinforcement.

Numerous studies have been devoted to the problem of members without
transverse reinforcement Error! Reference source not found.. It was recognized
that in this case the influence of the member size is of particular relevance. It is well
known in fact that large size members fail in shear at a significantly lower level of

stress than similar smaller members. This implies that laboratory tests on shear
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critical members conducted on small specimens might be not very reliable and that
large size tests are instead more appropriate for the type of the attainable

information.

Shear design and assessment for portions of structures with disturbed stress
fields (beam-column joints, deep beams) were successfully approached with the aid
of strut-and-tie models Error! Reference source not found.. It was demonstrated
that most of these complex problems of extreme shear vulnerability can be solved

with simple hand methods.

Relatively few models Error! Reference source not found.Error!
Reference source not found.Error! Reference source not found. for the
behavior of structures under cyclic shear have been developed . For this problem, a
prerequisite is the availability of reliable material models for concrete and steel.
Enormous difficulties exist in reproducing numerically the behavior of concrete
under cyclic two- and three-dimensional stress states. The development of more
sophisticated structural models has been to a good extent hindered by the lack of a
satisfactory concrete constitutive model.

The latter difficulty has largely motivated this doctoral study. In the present
impossibility of a rigorous approach to the simulation of the response under cyclic
bending and shear, it was decided to attempt the formulation of a numerical beam
model where the limitations imposed by necessary simplifying assumptions could be
quantified by experimental evidence.

The opportunity of conducting a large experimental program on the seismic
shear strength of bridge piers was seen as a precious occasion for clarifying some of
the aspects that are more relevant in accurate modelling. The influence of many
well-known phenomena such as diagonal cracking, longitudinal rebar buckling,
concrete confinement, bond etc., where carefully analyzed to quantify their

relevance. It was actually found that some aspects can be neglected without losing
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fundamental accuracy in the description of the cyclcic behavior. Also, it was
recognized that in a numerical beam model the main assumptions (such as that of
plane sections for flexure) are more important than the details on more specific
aspects related to the behavior of the materials. As a consequence, it was decided to
concentrate on the definition of clear and simple assumptions to be used to
calculate strain and stress fields for given external forces rather than attempting the
improvement of the solution algorithms for complete elements or of the material

constitutive models.

1.3 THE EXPERIMENTAL APPROACH

The experimental approach in this specific field requires, as discussed above,
the testing of large size specimens, as clearly indicated in Error! Reference source
not found.. This aspect imposes limitations on the number of laboratory tests to be
performed, for practical and economical reasons. Consequently, each test needs to
be carefully analysed and accurate measurements of strains and deformation
components need to be made.

The experimental program conducted by the writer at the University of
California San Diego consisted of three tests on large-size hollow bridge piers. The
study was sponsored by the California Department of Transportation, with the
objective of investigating the seismic performance of simple thin-wall circular
members.

The piers were tested with a cantilever scheme under a constant compressive
axial load and cyclically varying lateral force.

In order to examine the behavior of this type of members in shear, a reduced
ratio of the shear span to the section diameter (M/VD=2.5) was adopted. This
value represents a boundary below which members can no longer be succesfully
analyzed with the methods of the engineering beam theory. At the same time, the

value is low enough to let the shear govern the behavior of the structure.
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The test specimens were characterized by a section diameter of 1.5m and a
wall thickness of 0.15m. The longitudinal and transverse reinforcement were placed
in a single layer, near the outside face. The same geometry and amount of transverse
reinforcement was used for the three specimens, while different levels of
longitudinal reinforcement and axial load were adopted. The first unit was designed
with a relatively low flexural capacity (compared to the predicted shear strength) and
showed a ductile behavior with a flexural failure mechanism. The second unit had a
higher flexural capacity but the same shear strength and failed in shear in a relatively
ductile fashion. The third and last unit had the same geometry and reinforcement of
the second one, but a higher level of axial load and suffered a brittle flexural/shear
failure.

Due to the limited number of available specimens, it was decided to mainly
investigate the influence of the ratio between shear and flexural capacity and the
influence of the axial load on the maximum strength and deformation capacity.
Other aspects related to the particular detailing of the hollow column system were
disregarded at this stage, while attention was mainly devoted to the definition of the
key issues related to strength and deformation capacity.

Analysis of this particularly complex case brought up many of the issues that
have long been discussed in numerical modelling and that were emphasized with
this particular section shape. The effectiveness of concrete confinement, the
behavior of transverse steel and the influence of steep shear cracks were some of
the aspects that showed to deserve attention and further investigation.

The test specimens were heavily instrumented. During the tests, strains were
recorded along the main longitudinal bars and on the shear reinforcement, in several
locations. Displacement transducers were also used to measure flexural and shear
deformations along the column height. Also, specific devices were used to conduct
local measures of the shear deformations in two “strategic” sections along the
column height, within the shear critical region. This feature allowed determining the
distribution of section longitudinal, transverse and shear strains. It was found that

shear and transverse deformations tend to be larger in the tensile part of the section,
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where flexural damage is more significant. The longitudinal strains always happen to
have approximately a linear profile over the depth of the section, independently of
the level of flexural damage. The other deformation components instead have a
curved distribution (not symmetric with respect to the centroidal axis). The effect is
more evident as damage increases.

Analysis of sectional strain distributions encouraged further investigations on
the distribution of section principal strains. Some of the results confirmed that
larger shear deformations tend to occur where the concrete is most highly strained
in the principal direction.

While in the elastic range of response shear strains tend to reach a maximum
at section mid-depth (the section shape is symmetric with respect to the centroidal
axis), in the inelastic range the maximum value has a tendency to shift towards the
tensile side of the section.

The results of the tests clearly indicated that these aspects had a strong
influence on the behavior of the units. It was found that, for a good simulation of
the behavior, an accurate estimate of the stress and strain distributions over the

section depth was needed.

1.4 THE NUMERICAL APPROACH

Numerical simulation of the behavior of beam-column RC members under
bending and shear can be approached in several different ways. As it was discussed
above, some limitations depend on the ability of the material model to accurately
reproduce the behavior of cracked concrete. For the time being, there are no
“flawless” concrete models for the case of three-dimensional cyclic stress states, to
the writer’s knowledge. Plane stress analysis is instead easier to approach, since
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material models for the 2D case have a rather lower level of complexity. As a
consequence, the formulation of a 2D model presents in general more chances of
being successful and computationally affordable.

In the 2D case, beam and column members can be analyzed with membrane
or beam finite elements. In the first case no assumptions are required on the
distribution of stresses or strains over the member sizes (section depth, member
length). Typically, three or four node finite elements with a stiffness formulation are
used. The element strain field is assigned and depends on the particular type of
finite element (four-node, eight-node, isoparametric etc.). This approach presents
the advantage that, in principle, any kind of structure can be analyzed, even in the
case of a disturbed stress region. No simplifying assumptions are required on the
behavior of the particular member. A retaining wall, a deep beam, a dam, a beam
column joint or a bridge column are analysed in the same manner. In most cases
though, the disadvantage is that, since in the finite element the strain field is
assumed, a considerable number of elements is required to accurately model
relatively small portions of structures.

Non linear beam models instead became quite popular in the past 15 years,
since the flexibility based approach was developed Error! Reference source not
found.Error! Reference source not found.. With this approach, distributed
inelasticity models were formulated, where the non-linear behavior is monitored
along the beam axis in a number of control sections. The element global behavior is
obtained by integrating numerically the local behavior of the control sections.

As opposed to the classical stiffness method, the flexibility method does not
require the use of a pre-defined strain field along the beam axis, but it adopts only
static boundary conditions. In fact, in a beam the strain field is generally unknown
and strongly dependent on the degree of non-linearity of the material behavior. On
the contrary, for assigned nodal forces the generalized stress fields are known and
do not depend on the particular form of the material constitutive behavior. This
advantageous aspect of the beam schematisation is used to generate particularly

convenient formulations of the solution algorithms. In the framework of the
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displacement method, used by most FE programs, the element state is found with
an iterative procedure that satisfies (along the element length) both equilibrium and
compatibility with the nodal deformations Error! Reference source not found..

The use of beam finite elements presents the limitation that the application is
restricted to those elements for which the assumptions of the engineering beam
theory are well satisfied. The analysis of extremely squat members or beam column
joints cannot be approached with this type of models. However, the use of
generalized stresses and strains (moments, curvatures, shears and distorsions) is very
convenient and it allows for robust and reliable flexibility formulations. Also, with
the state-of-the-art “equilibrium-based” solution algorithms Error! Reference
source not found., structural members can be analysed with a reduced number of
finite elements and therefore with reasonable computational effort.

This type of finite element can be used to conduct analyses of frame
structures composed of an assemblage of reasonably slender members. The field of
application includes building frames and bridge systems. The flexibility formulation
showed to be successfully applicable to the definition of fibre beam models. Purely
flexural fibre models were developed in the early 70’s for the analysis of RC slender
members Error! Reference source not found.. In these models, the beam section
Is subdivided in small subdomains and each is assigned a uniaxial material
constitutive relationship that describes the stress-strain behavior under cyclic
loading. At the beam integration points, longitudinal stresses are integrated on the
fibres to calculate the section forces (beam generalized stresses), starting from an
imposed section kinematics (i.e. plane section hypotesis).

A similar formulation was recently used Error! Reference source not
found. to develop fibre models where the shear behavior is also included. In this
case, the concrete fibre degrees of freedom include, in addition to the axial
elongation, the transverse dilatancy and the shear distortion. For this purpose, two-
dimensional constitutive relations are needed to describe the behavior of the
concrete fibres. By integrating the behavior of the fibres over the section depth, the

complete set of section forces (moment, shear and axial force) can be determined.
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Similarly to the flexural case, simplifying assumptions are needed (at section level) to
solve the problem of the element state determination. The current approach
assumes a fixed shape of the section longitudinal and shear strain distributions. The
distribution of the lateral strains is found instead by imposing simultaneously, at
each fiber, the equilibrium and the perfect bond between concrete and transverse
steel. Longitudinal deformations are generally assumed to be linear over the section
depth (plane section hypotesis). Shear deformations are generally assumed to be
parabolic. Obviously this second hypotesis is more arbitrary than the first one, since
the distribution of the shear strains is a function of the particular section shape and
of the level of damage (as it was discussed above). While experimental data
confirmed that the plane section hypotesis is a good assumption (independently of
the particular section shape and level of damage), it appears that the assumption of
fixed shear deformations causes an erroneous estimate of the shear stresses. In fact,
with this assumption large shear stresses tend to occur in the compressed part of the
section, until the maximum concrete capacity is reached. The typical failure
mechanism is therefore always driven by the concrete concrete capacity to resist the
combination of high compression and high shear stress. In the cracked part of the
section, the shear stress is zero or negligible. Also, the effect of longitudinal steel on
shear stresses is ignored. This fact is in contraddiction with the experimental
findings, which indicate that an increase in longitudinal rebar strain occurs, due to
shear.

The primary objective in the definition of a new model is therefore to further
develop the fibre beam element with shear, by removing the hypotesis of fixed
distribution of shear deformations over the section depth, while keeping that of

plane sections.
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1.5 ORIGINAL CONTRIBUTION

As discussed above, the overall behavior RC members subjected to high
shear is characterized by three facts :

- The section shape determines the shape of the shear flow, influencing the
distribution of the other stress components (longitudinal and transverse).

- As damage increases, the shear flow (and consequently the distribution of
shear strains) changes substantially, depending on the slope of the shear cracks and
on the stress in the longitudinal and transverse reinforcement.

- Once concrete is diagonally cracked, the behavior in shear can no longer be
analysed locally along the beam in the monitoring sections, but it has to be
estimated in a portion of the beam with a “non local”” approach.

These three aspects can all be accounted for simultaneously if a “dual
section” approach is used within the process of the element state determination.
The average shear stress distribution in the portion of the beam comprised between
two integration points can be calculated from the longitudinal stress state of the two
adjacent sections with equilibrium considerations. Once the “correct” shear stress
distribution is computed, the corresponding shear strain distribution can be found
with an iterative process. The accuracy in this procedure depends essentially on the
distance between the two analysed sections. This latter remains a quantity that has to
be specified based on a characteristic member length, proportional to the beam
depth.

The procedure according to which this process can be implemented in the
context of the equilibrium based numerical solutions of the beam problem is
explained in section 4.

The proposed model is definitely more computationally demanding than the
existing one, but it allows to account for the most relevant “facts” that were

recognized to have an influence the overall behavior. Further developments of this
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model will be possible by refining the description of the effects of longitudinal steel
on the shear behavior. When concrete is significantly cracked in the diagonal
direction, the shear stress is carried across the cracks via the longitudinal and shear
reinforcement. If the longitudinal reinforcement is uniformly distributed over the
section depth, a considerable amount of stress can be carried across the shear
cracks, until the steel bars yield or slip. This aspect indicates that the “non-local”
approach to shear can be further developed to account for the other typical non-
local effects, such as that of rebar slippage. In some cases, shear failures start
because of the development of horizontal cracks (parallel to the beam axis) due to

loss of bond in the longitudinal reinforcement.
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2 STATE OF THE ART ANALYTICAL ASSESSMENT METHODS
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2.1 INTRODUCTION

In the present chapter, the methods most widely used for the assessment of
the seismic performance of RC beam-column members are presented. These
methods are generally referred to as “structural component characterization
methods” and aim to quantify capacity and performance of members under
arbitrary seismic excitations. In particular, the analytical tools to be used to conduct
a mechanical characterization of beam-column structural components subjected to
high shear are described.

The evaluation of the seismic performance of RC beam column members
requires an accurate identification of the behavior in the inelastic range of response.
In particular, the failure mode and the maximum deformation capacity are among
the most important features required to assess the seismic performance.

In the following, some mathematical models and analytical techniques for
seismic assessment are presented. Their usefulness, applicability and limitations are
discussed. The methods are subsequently used to predict the behavior of bridge pier
laboratory specimens. The predicted behaviors are then compared with the response
observed during the tests mentioned in chapter 3 and specific comments are made
on the applicability of the methods to the complex case of circular hollow columns.

Emphasis is placed on the comparison among models characterized by
different levels of complexity. “Standard methods” evaluate the flexural behavior
independently of the shear behavior and obtain the global response by
superposition of the two deformation modes Error! Reference source not found..
This type of approach is widely used in seismic design codes and in engineering
practice. While it is assumed that the flexural behavior is not influenced by the
magnitude of the shear, the shear capacity is assumed to be a function of flexural
damage.

The shear resisting mechanism is idealized with the well-known truss

analogy. This simplification enables an elegant formulation whereby the shear
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strength can be expressed as the sum of material contributions (due to concrete and
transverse steel).

The empirical approach of these “standard methods” presents some
limitations when applied to different structural types, but proves to be sufficiently
reliable in most cases.

The recently-developed Modified Compression Field Theory Error!
Reference source not found.Error! Reference source not found.shows instead
to be free of empirical limitations and restrictions to specific structural geometries.
This “more sophisticated” method is capable of predicting the behavior of RC
elements under arbitrary combinations of in-plane and normal stresses. No
simplifying assumptions are required on the mechanism developed by the structure
to restist externally applied forces. Equilibrium, compatibility and stress-strain
relationships are used to formulate the model with the assumption that principal
stresses and strains are coaxial.

The two classes of analytical models will be applied to the problem of
predicting the behavior of RC circular hollow columns in flexure and high shear.
The use of this “case study” serves a dual purpose. On one hand it shows that in
most cases simpler models provide sufficiently accurate information for seismic
assessment and require limited computational effort. On the other hand, it shows
that more complex cases can only be treated with more complex models, accepting
the disadvantage of a higher computational demand.

The simplified methods of analysis are described first, starting from the
techniques to evaluate the flexural behavior of RC sections. One of the most
recently developed shear strength models for RC beam column members is then
described, showing the way the interaction between shear and flexure is evaluated
based on simple considerations. Subsequently, an original procedure is proposed to
calculate the complete load deformation curve of a RC element under lateral
monotonic loading up to failure, based on the information gained from simplified
flexural and shear analysis. Some specific aspects related to the behavior of

transverse steel are discussed before the Modified Compression Field Theory is
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presented. The general concepts of the theory are presented and the application to

beam-column members is subsequently presented.

2.1.1  Simplified methods of analysis

In the present paragraph the simplified methods of analysis are presented.
These methods apply to a reasonably wide variety of structural types, however
specific considerations are made on the modifications required to treat the particular

geometry of the hollow circular sections.

2.1.1.1 Flexural behavior

The flexural behavior of RC members can be determined from the
mechanical characterization of a member section. The overall response is then
derived by integrating the local behavior along the member length. It is well known
that flexural damage tends to be concentrated in “plastic hinge” regions where
rotations due to inelastic deformations are concentrated. For this reason, the
analysis of RC elements is often carried out by assuming that in the inelastic range
of response the beam (or column) can be replaced by a system composed of a non-
linear rotational spring and of a linear elastic beam. The deplected shape of the
member ends is a function of the inelastic rotation in the plastic hinge region
(equivalent plastic hinge schematization) and an elastic deflection of the part of the
member that remains within the linear range of response.

Given the geometry and arrangement of the reinforcement, the response of
RC sections to flexure can be predicted by using equilibrium and compatibility
considerations, based on assumed material uniaxial stress-strain constitutive
relationships. If the distribution of the longitudinal strains across the section is
known (e.g. plane section hypotesis), then the stress-strain relationships can be used
to find the distribution of the corresponding longitudinal stresses across the section.
Once the stresses are known, then the moment and axial load acting at the section

can be determined from equilibrium equations. This procedure is generally
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employed to construct the moment-curvature relationship of a RC section by using
a layer-by-layer (or fiber) approach.

The simplifiying assumptions required for flexural analysis have different
implications on the accuracy of the procedure. While the use of the plane section
hypotesis and the layer-by-layer schematisation are always appropriate (at different
levels of damage), the use of uniaxial stress strain constitutive behavior might be
Inappropriate. For this reason, the material constitutive relationship cannot be
simply derived from material testing under uniaxial loading. In particular, the effects
of transverse steel on the behavior of concrete and longitudinal steel need to be
accounted for.

The presence of the transverse steel has two main effects on the flexural
behavior: 1) provides concrete confinement and 2) restraints the longitudinal bars
against buckling in compression.

These two aspects must be accounted for when defining the material
properties of concrete and steel, by modifying the material stress-strain relationships
that can be derived from uniaxial testing. In particular, the concrete peak strength
and peak strain in compression as well as the ultimate compression strain increase if
sufficient confining pressure is generated by the action of transverse steel. Also, the
longitudinal steel ultimate strength decreases if the presence of inadequate
transverse reinforcement allows for buckling. In the following, some
recommendations to be wused to evaluate accurate material stress-strain

characteristics for concrete and steel are discussed.

Models were developed to account for the effect of transverse confining
steel on the behavior of concrete based on an energy balance approach Error!
Reference source not found.. In particular, the model proposed by Mander can be
used to modify the concrete stress-strain unconfined behavior as a function of the
amount of transverse reinforcement. Many different mathematical expressions have
been proposed for the stress-strain relationship, but more important than the stress-

strain equation are some parameters of the assumed curve. As discussed above,
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fundamantal parameters are the peak strength and strain and the ultimate

compression strain. The Mander model proposes the peak strength be evaluated as a

function of the cylinric strength at 28 days f_ , as follows:

£l =k, (1

k =-1.254 +2.254 /1 +7'i4.f' - Zfi (2

where f, is the effective confining stress that can be developed at yield stress

where :

of transverse steel. This latter depends on the section geometry and on the
particular arrangement of transverse reinforcement and can be determined based on
equilibrium considerations. Different formulae are proposed in Error! Reference
source not found. for solid circular and rectangular sections. For solid circular

sections the equilibrium of the free body diagram of Figure 1 requires :
fl :2fyhA5p/(dsSh) (3
where fyn is the yield stress of transverse steel, ds is the diameter of the hoop

or spiral, which has a bar area of Asp and sh is the longitudinal spacing of the

transverse reinforcement.

Asp

Figure 1 — The confining pressure of transverse steel

The “effective” confining pressure is in fact somewhat less than that
computed from equilibrium, because the shape of the section and the arrangement
of the reinforcement might determine a different efficiency of the confining action.
For example, in a rectangular section (see Figure 1) the confining pressure is higher
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at the section corners and lower along the section sides. The effective confining
stress is equal to:
f, =K.,f, (4
where Ke is the effectiveness coefficient. Typical values of Ke are equal to
0.95 for circular sections and 0.75 for rectangular sections.
Once the concrete peak strength is found with eqn. ( 2, the corresponding
strain can be found with the following expression :
e, =0.002[1 +5(k - 1)] (5
The behavior of unconfined and confined concrete is compared in Figure 2.
Unconfined concrete properties are used for the cover concrete, while confined

properties are used for the layers representing the concrete of the section core

region.
Confined ﬁl::;
t
conere e) fracture

fed

RxUnconfined

Compressive Stress, fc
&”
1

. ! }
&t 4 Scl‘.o Zéco 8sp Eece Ecu
f

Compressive Strain, &

Figure 2 — Concrete confined and unconfined behavior

Eqns. ( 3 and ( 4 were derived for solid sections and proved to be able to
predict the confining pressure with good accuracy. However, these equations are
not applicable to particular section geometries. In these cases, specific
considerations need to be made. As an example, the behavior of confined concrete
in thin wall hollow circular sections will be discussed here.

In a solid section the restraint provided by the transverse steel against

concrete dilatancy generates a confining action in terms of an inward radial pressure
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(see Figure 1). In contrast, in thin-wall circular hollow members the action of
transverse steel generates circumferential compression stresses on the tubular wall
(see Figure 3). In this case, the radial component of the confining stress is rather
low and does not contribute to the enhancement of the concrete strength. However,
circumferential stresses may be rather high (particularly in case of very thin walls),
providing a considerable increase in concrete peak strength and deformation. Elastic
finite element analysis of hollow sections under the assumption of plane strain
behavior revealed that the confining pressure increases as the wall thickness
decreases (in a hyperbolic fashion). As a consequence, a modification is suggested to
eqgn. ( 3 in order to account for the shape of the section, by considering that the
total force applied by the transverse reinforcement is acting on a curved thin wall
rather than on a solid core. Thus, it is proposed the confining pressure fi be
estimated as :
f _2TwAy (6
d;s, A,

where A is the ratio of the section net area to the section gross area. Based

on the value of f , the effective confining pressure can be found with ( 4 and the

confined concrete peak strength can be computed according to ( 2.

Figure 3 — The effect of confinement on hollow circular columns

In fact, for thin wall circular sections, the circumferential component of the

confining stress shows to be approximately constant across the wall thickness. For
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this reason, all concrete fibres enclosed by the transverse steel can be assigned
exactly the same concrete behavior.
As it was anticipated above, the amount of transverse steel has a direct

influence also on the ultimate concrete compression strain e, . In case of solid
sections, this value is estimated with the following expression:

e, =0.004 +14r f

S yhesu / fcc (7
where rs is the volumetric ratio of transverse reinforcement and e is the

strain at ultimate stress of transverse steel.

In case of solid sections, the definition of ey, based on the volumetric ratio of
transverse reinforcement does not apply. Thin wall sections usually result in high
volumetric ratios due to the reduced section area in comparison to the section
diameter. In these cases it is more appropriate to estimate the ultimate compression
strain based on experience. Values in the range of 0.008-0.01 are usually
recommended. However, as it will be indicated in the following, in hollow sections
concrete tends to prematurely fail in compression near the inside section face. As a
consequence, the ultimate theoretical value of the concrete ultimate compression
strain is seldom reached. For this reason the definition of the ultimate limit state
should also account for the restricted concrete deformation capacity near the inside

face.

As anticipated above, the arrangement of transverse reinforcement has also a
direct influence on the behavior of the longitudinal steel rebars and is therefore
relevant in flexural analysis. Models Error! Reference source not found. were
developed to account for the effect of the transverse steel on the uniaxial stress-
strain behavior of longitudinal steel rebars. The main relevant parameters in the
buckling problem are the spacing of the transverse steel layers and the diameter of
the longitudinal rebars. Different buckling modes are possible (involving two or
more layers of transverse reinforcement), inducing a substantial reduction in the

steel maximum strength and strain hardening modulus.
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When these considerations are made on the behavior of concrete and steel
fibres, an estimate of the flexural behavior, incoporating the influence of transverse
steel, can be made. This type of approach has shown to be very reliable for the

analysis of slender elements, where the longitudinal strains are not affected by shear.

When calculating the moment-curvature behavior of a section, it is
convenient to identify four characteristic points, based on conventional definitions.
The first point corresponds to concrete cracking. This latter is defined as that for
which the extreme concrete fiber in tension reaches the maximum tensile strength
of :

f, =0.5,f, (8

This estimate of the tensile strength of concrete under bending given by eqn
( 8 showed to be quite accurate and it is confirmed by comparison with the
experimental observations.

The second point corresponds to first yielding of longitudinal rebars. It is
defined as that for which the extreme steel fiber in tension reaches the yield stress.

The third point defines the nominal flexural capacity. It is defined as that for
which one of the following conditions is satisfied (whichever occurs first):
=0.004 (9

where e, is the strain in the extreme concrete compression fiber and e, is

the strain in the extreme steel rebar in tension.
The fourth point corresponds to the ultimate capacity and will be defined by

one of the following conditions (whichever occurs first):

N (10

These suggested values of ultimate strain in compressed concrete and steel in
tension are reasonably accurate to predict the ultimate moment capacity of a solid
RC section under compressive axial force. Again, if the section is hollow, specific

considerations are needed to evaluate accurately the causes that induce failure.
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Experience showed that in hollow members concrete tends to prematurely
spall off in the inside section surface, due to a mechanism of inward implosion. In
this cases the ultimate flexural capacity should therefore be defined based on a
maximum affordable compressive strain near the inside (unconfined) face, rather
than on a maximum strain in the extreme compression fiber. Thus, for hollow
sections, the ultimate flexural capacity is governed by one of the following
conditions (whichever occurs first) :

el =0.005 (11
te, =0.06

where e] is the compressive strain near the inside section face.

The values suggested by eqgns. (8, (9, ( 10 and ( 11 are based on experimental
observations and appear to be reasonably accurate. Past experience showed that
good agreement with experimental evidence is found in a wide range of design

parameters (axial load ratio, longitudinal and transverse reinforcement ratios).

2.1.1.2 Shear behavior

The analysis of RC beams in shear has been approached in several different
ways during the last century, but in most cases the concepts of the truss analogy
originally proposed by Ritter and Morsch in 1899 were used. The resisting
mechanism of diagonally cracked beams is idealized with a system where concrete
carries the diagonal compressions and transverse steel carries lateral tensile forces.
The difficult aspect of this idealization is the estimate of the inclination of the
diagonal compressive struts with respect to the longitudinal beam axis. Several
different solutions to this problem have been proposed, including variable-angle
truss models Error! Reference source not found.. The truss approach is capable
of quantifying the shear capacity of a portion of the beam long enough to include at
least one concrete inclined compressive strut. The length of this portion depends on
the assumed value of the inclination of diagonal struts and on the depth of the

beam.
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As opposed to flexural analysis, shear analysis is referred to a portion of a
beam (or column), not to a specific section. This confusing aspect is due to the
nature of shear damage. While flexural damage tends to be concentrated in
restricted regions, shear damage occurs along the member length, involving beam
sections characterized by different levels of flexural damage. A simplified solution to
this complex situation is achieved by the use of truss models where the ability of
concrete inclined struts to resit diagonal compression decreases as flexural damage
increases. Some models of this type were recently developed to represent the
interaction between flexural ductility and shear strength. Different models of this
nature exist to date, revealing wide differences in the predicted response. Among
the existing ones, particular emphasis is placed herein on those supported by
adequate experimental evidence. Pre-defined multinear relationships between the
component of the shear strength due to the concrete resistance and the curvature
ductility are assumed based on experimental observations Error! Reference source
not found..

This conceptual approach enables to evaluate not only the maximum shear
strength, but also the relationship between shear strength and flexural ductility (or
lateral drift) of the analyzed member. The models of this type are in general referred
to as “seismic shear strength models” because are particularly efficient in defining a
member seismic performance. For each level of lateral drift, the available shear
strength can be expressed as a function of the curvature ductility in the member
plastic hinge regions.

With this approach, strength models can also be used as behavioral models.
An estimate of the force-deflection curve of a RC column can be made while
accounting for both flexural and shear strength degradation.

In the following, the model proposed by Priestley et al. (referred to as UCSD
shear model Error! Reference source not found.) is presented. The model is
subsequently applied to the prediction of the bridge pier specimens tested in the
laboratory. The results obtained with this model will be compared with those

obtained from similar models and with the experimental results. The large scatter
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among the results obtained with commonly used shear strength models will support
the statement made in chapter 1 that the shear strength of RC members is difficult
to predict and that comparison among different models is required to gain

confidence on the expected response.

In the UCSD model the shear strength is considered to consist of three
independent components : a concrete component whose magnitude depends on the
level of ductility, a truss component whose magnitude depends on the transverse
reinforcement content and an axial load component whose magnitude depends on
the column aspect ratio :

Vy=V, +V +V,

(12
where :
V, =abg,/f, (0.8A,) (13
Vs :EAhfyh Mcotq (14
2 Sy,
VID:Ptana:D_C (15
2L

In equation (13 Ag is the section gross area, while a, b and g are factors for
the member aspect ratio, the section longitudinal reinforcement ratio and the

flexural ductility respectively, where :

6
b:o.s+2o§£jgl (17
As 5
g=0.29 m £3
9=029-00167(m-3) 3£m£15 (18
g =0.06 m 315

In eqgn. (14 c is the depth of the compression zone at nominal flexural

capacity, co is the concrete cover to main longitudinal rebars, fyn is the yield stress

of transverse steel and q=30° is the assumed angle of inclination of the diagonal
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cracks. Note that eqn (14 is valid for beams or columns with circular solid section.

In case of rectangular sections the coefficient p /2 vanishes. In egn. (15 P is the axial

load and L is the member length of inflection (see also Figure 5 a) for members in
single bending and Figure 5 b) for members in double bending). In egn. ( 17 Astis
the area of the longitudinal steel. Eqn. ( 18 describes the mechanism according to

which the concrete contribution to shear strength V¢ decreases with increasing

curvature ductility m.

0.29

0.06

Figure 4 — Degradation of concrete contribution to shear strength with increasing
curvature ductility
Eqns. ( 12-( 18 define a “shear strength envelope” as a function of the
curvature ductility m. The comparison between the shear strength and the flexural

capacity at different ductility levels indicates if failure occurs due to shear or flexure.
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Figure 5 — Axial load contribution to shear strength
A convenient way to conduct a comparison between shear and flexural

capacities is to calculate, for the analyzed member, the lateral force-lateral
displacement relationship (or shear force-lateral drift). Once this curve is plotted,
the shear strength envelope is superposed in the same graph. If the two curves

intersect, a shear failure occurs (see Figure 6).
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Figure 6 — Evaluation of the failure mode
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A method to accurately evaluate the force displacement curve of a RC

element subjected to single or double bending is presented in the 1.1.1.3.

As for flexural analysis, specific considerations are needed to treat the
problem of hollow members. The shape of the section affects the shear behavior
and the maximum shear capacity. The shear model was in fact derived based on
experimental results from RC columns with solid section.

In a circular hollow section the effective shear area is a function of the wall
thickness. This suggest that the shear strength contribution due to concrete
resistance should be expressed as a function of the effective shear area and thus as a

function of the section wall thickness. Egn. ( 3 can be rewritten as follows :

V, =abg,/f (0.81 A,) (19
where :
| _{x*)-x) (20
1-x°

In egn( 20 x=Di/D, where D; is the inside diameter of the section. Eqn. ( 20
expresses the shear area of a hollow circular section as a function of the wall
thickness.

The effect of the axial load component V, on hollow members is not yet
completely understood. In fact, it appears that the beneficial effect of a compressive
axial force on shear strength (as expressed by eqgn. (15) is less effective in hollow
columns than in similar solid members. The arching action has to develop along a
curved thin wall rather than on a solid portion of concrete, resulting in a radial
component of force which induces hoop tension. In the lack of sufficient
experimental evidence, it is suggested the axial load contribution to shear strength
be neglected. A more rigorous discussion of this aspct is made in Error! Reference

source not found..
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2.1.1.3 Load-deflection curve

Once the flexural behavior in the plastic hinge region and the shear behavior
of the analyzed member have been defined (with the procedures discussed in 1.1.1.1
and 1.1.1.2) the assessment of the force-deflection behavior can be made.

The prediction of the force-displacement behavior can be made based on
sectional analysis of the plastic hinge region. The flexural behavior can be estimated
with moment-curvature analysis, as discussed above. The shear behavior instead can
be determined based on the available shear strength as a function of the curvature
ductility.

For a member subjected to single or double bending, the flexural component
of the lateral displacement can be computed with an additive expression of the
following type :

D=D. +D., +D, +D (21

where the first term is the elastic flexural displacement component, the

second term is the plastic flexural displacement component, the third is the shear

displacement component due to the concrete resisting mechanism and the fourth is
the shear displacement component due to transverse steel resisting mechanism.

The flexural displacement components can be computed as follows :

nf. L2
D =~ (22
L,o .
DFP:§_-7pg(f-fy) (23

where n=2 for members in single bending and n=1 for members in double
bending. In egn. ( 22, f'y is the curvature at first yield of longitudinal rebars and L,

is the plastic hinge length. This latter can be evaluated with the following expression
(derived from experimental observations) :

0.044f d, (24

L, =0.08L +
n
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where fy is the yield stress of longitudinal bars in MPa, while dy is the bar
diameter in mm.
The concrete component of the shear displacement is given by :

(Ig/lcx\/c"'v‘p)l- (25
G.(08A,)

Dyc =

where G¢ is the shear modulus of concrete, usually taken as 40% of the elastic

modulus Ec. The factor 14 /1. accounts for the effect of flexural cracking on the

shear stiffness and can it be determined from flexural analysis, or simply assumed as
a constant, equal to 2.0.

The shear displacement component due to the deformation of transverse
steel comes into play only when the applied shear force has exceeded the resistance
offered by the concrete strength, that is, when V>(V+Vp). At that point an
additional increase in the externally applied shear will result in transverse steel
deformation e . This latter can be evaluated if an estimate of the part of the shear

force that is carried by transverse steel is made, using the following expression :
Vo=V -, +v) (26

From the actual value of Vs the actual value of the stress in the transverse
reinforcement fs can be found from a generalized form of egn.(14 ,where fyn is
replaced by fs and the equation is solved for fs. Once the stress fs is known, the
corresponding strain can be found by assuming a bilinear constitutive behavior for
the transverse steel. If the conservative estimate is made (to calculate shear
deformations) that q=45° , the shear displacement contribution due to transverse
steel can simply be expressed as :

D, =eL (27

It has to be pointed out that in general D,. << D, and therefore D,. can be

neglected.

With the step-by-step procedure described above, the force-displacement

curve of the test specimens can be predicted. If the calculated shear strength
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envelope is superposed to the force-displacement curve, the failure mode and
maximum displacement capacity can be determined. This is in general enough for

seismic assessment, but if more information is required, refer to 1.1.1.4.

2.1.1.4 The activation and development of lateral strains

Since the shear behavior of these memebrs is controlled by the behavior of
the transverse steel, it is interesting to analyze this aspect in more detail. As
discussed above, using the UCSD model, an estimate of value of the average strain
in transverse reinforcement can be made for any assigned value of the member
lateral drift. It is of interest to look at the curves that express the average strain in
the transverse reinforcement as a function of the applied lateral force or
displacement (Figure 7).

Before the development of significant diagonal cracking, the average strain in
the transverse reinforcement is zero and consequently the shear stiffness is very
high. After cracking the transverse steel starts to deform. As flexural damage
increases, the hoop strain increases until it reaches the yield point. Subsequently a
substantial loss in shear stiffness is observed and the hoop strain increases until the
steel ruptures.
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Figure 7 — Qualitative lateral strain curves

For the purpose of predicting the behavior of these members in shear, it is

Important to look at these curves and locate the cracking, yielding and rupture

v
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points. In Error! Reference source not found. such curves are presented with and
without inclusion of the axial load effect. Shear failures might be in fact controlled
by the effect of axial compression on the development of high strains in the
transverse steel. If the axial compression keeps the average diagonal crack width
within relatively low values, the member is capable of sustaining higher levels of
lateral drift, until the concrete crushes in diagonal compression. If the axial force is
low instead, the considerable opening of diagonal cracks induces very high strains in

the transverse reinforcements at the cracks, until the steel ruptures.

These considerations were made to comment that shear strength models
typically assume that shear failure occurs as a consequence of transverse steel
yielding. As a matter of fact though, shear failures often occur due to concrete
crushing in diagonal compression. In these cases the level of lateral drift at expected
shear failure might be underestimated. For this reason, it is suggested to calculate
the approximate shear stress at section mid-depth along the lateral strain curves and
to check that before transverse steel yields the concrete has not reached the
maximum strength. If this is the case, a shear failure caused by diagonal
compression failure has to be expected.

The shear stress at concrete failure can be estimated based on the cylindrical

strength, with the expression given in Error! Reference source not found..

2.1.2  The Modified Compression Field Theory

2.1.2.1 The theory for RC elements subjected to in-plane shear

The Modified Compression Field Theory Error! Reference source not
found. is an analytical model capable of predicting the load-deformation reponse of
RC elements subjected to in-plane shear and normal stresses. The theory is
essentially an application of the Tension Field Theory Error! Reference source not
found. to reinforced concrete. The tension field theory was developed to study the

post-buckling behavior of thin-web steel girders subjected to combined shear and
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flexure. It was recognized that, after buckling, thin webs would not resist
compression and that shear would be carried by a field of diagonal tension. To
determine the angle of inclination of the diagonal tension, Wagner considered the
deformations of the system. He assumed that the angle of inclination of the
diagonal tensile stresses would coincide with that of the diagonal tensile strains. This
approach was successfully applied to the prediction of the behavior of steel beams
and showed to be particularly accurate.

Vecchio and Collins Error! Reference source not found. proposed this
concept be applied to reinforced concrete. If a reinforced concrete web is subjected
to shear stresses, as load increases the concrete will crack. As it is possible to
observe from laboratory experiments, after cracking shear can still be carried by the
web and the load can be increased further.

Given the inability of cracked concrete to carry tensile forces, shear forces in
cracked RC elements must be carried by a field of diagonal compressions. The angle
of inclination of the diagonal compressions can be calculated applying Wagner’s

principle, as a function of the strain components :

tan?q = 2% (28
e, -6

where e, and e, are the strains of the RC web in two orthogonal directions

and e, is the principal compressive strain.

The MCFT makes use of the same conceptual approach defined by the
tension field theory; cracked concrete, similary to buckled steel, has to be considered
as a new material, where a re-distribution of the stress fields has occurred when the
ability of the material to resist tensile stresses vanished.

In the MCFT, cracked concrete is treated in fact as new material with its own
stress-strain constitutive characteristics. Equilibrium, compatibility and stress-strain
relationships are formulated in terms of average stress and average strain (quantities
measured over a base length long enough to include several cracks). The stress-
strain relationships for the cracked concrete were determined by testing 30

reinforced concrete membrane elements under a variety of uniform biaxial stresses
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including pure shear Error! Reference source not found.. In the following, the

procedure employed to derive the stress-strain relationship is described.

lfy 8
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Figure 8 — RC plate element subjected to in-plane shear and normal stresses and
Mohr’s circle of stresses

The tested specimens consisted of rectangular RC plates containing an
orthogonal grid of reinforcement (see Figure 8). The elements were tested with a
membrane element tester capable of applying any arbitrary combination of biaxial
stresses on the plate boundaries. The objective of the experimental program was to
derive the relationships that link the plane stress components of the applied load to
the corresponding plane strain components of the measured deformations. The
solution of this problem may be sought by imposing two fundamental assumptions :

Stresses and strains can be considered in terms of average values if taken over
a portion of the structure large enough to include several cracks. Perfect bond exists
between concrete and reinforcing steel. The strain field of a membrane element,
such as that depticted in

Figure 8, is defined by the three strain components e, ,e and e,, (see Figure

9). These quantities were measured during the tests by means of a shear

deformation panel with linear potentiometers.
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Figure 9 — Plane strain components and Mohr’s circle of strains

If the three strain components are known, then the strain in any other
direction can be found from the geometry of the Mohr’s circle of strains. In
particular, the principal strains can be computed.

The plate elements were subjected to a well-defined loading condition and
the three strain components were measured for different levels of applied stress.
The applied load consisted of two perpendicular normal stresses (fx and fy) and a
shear stress vyy.

For each level of externally applied load, the average stress in the
reinforcement was computed from the measured strains in the directions of the
reinforcements and from the measured stress-strain characteristics of the
reinforcement. Using these reinforcement stresses together with the known
externally applied normal stresses, the average concrete stresses (over the element
size) were determined from equilibrium. Since the applied shear stress is known, the
average concrete stresses in any direction can be determined from the Mohr’s circle
of stresses (Figure 8).

While the external load was applied monotonically, the average stress and
average strain fields were determined. A relationship linking the concrete stress
circles to the concrete strain circles was established.

It is useful to observe an important experimental finding. The Wagner

principle postulated that principal strains and principal stresses are coaxial. In fact,
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the testing of a large number of plate elements such as that depicted in Figure 8
revealed that the principal compressive stress and the principal compressive strain
directions were indeed very similar. The maximum recorded deviation was about 10

degrees (see Figure 10).
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Figure 10 — Comparison of principal compressive stress and strain directions as
observed from laboratory tests

This important finding suggested that, as for buckled steel webs, it was
reasonable to assume that the orientation of the principal stress and the principal

strain axes coincide:
4. =9 (29
where qc is the angle of the principal strain and q is the principal stress.

With this simplification the concrete behavior can be expressed by a one-
dimensional stress-strain relationship defined simply in terms of principal stress and
principal strain.

The behavior along the principal direction was carefully analysed, both in
tension and in compression. In fact it was found that the principal compressive

stress fc2 is not only a function of the principal compressive strain e, , but also of
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the principal tensile strain e,. In particular, it was recongized that the peak
compressive strength fcomax decreases as e, increases. This confirms the fact that if
concrete is subjected to high tensile strains in a direction perpendicular to the
applied compression, it is softer and weaker than if subject only to compression.
These considerations led to the definition of a constitutive relationship where the

behavior in compression is represented by the surface depicted in Figure 11.

Figure 11 — Concrete constitutive behavior in compression

The relationship between average principal tensile strain and average
principal tensile stress was also determined from the 30 tests. It showed to be nearly
linear up to cracking and then characterized by decreasing values of principal tensile
stress for increasing principal tensile strain. The suggested relationships are depicted
in Figure 12.
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Figure 12 — Concrete constitutive behavior in tension

Note that the behavior of concrete along the principal direction was derived
from the testing of reinforced concrete plate elements. This “equivalent-uniaxial”
behavior differs substantially from the one that can be determined based on the
testing of concrete cylinders, as indicated in Figure 13. Also note that the behavior
along the principal direction refers to the average behavior of a portion of a RC
structure where several cracks are included. On the contrary, the behavior
determined from uniaxial testing of concrete cyclinders refers to a portion of
concrete without cracks. In Figure 13 a comparison between the stress-strain
relationships determined from cylinder testing and from the concept average

principal strain are compared.




49

€c2

Figure 13 — Concrete behavior (principal directions and uniaxial test)

One of the most important features of the MCFT is that the authors
recognized that the formulation in terms of average stress and average strain was
not sufficient for a realistic description of the behavior of RC members. It was in
fact recognized that these average values have local variations that cannot be
disregarded. It was observed from the experiments that, at a crack, the tensile
stresses in the reinforcement are significantly higher than average, while midway
between the cracks are lower than average. On the contrary, the concrete tensile
stresses are zero at a crack and higher midway between the cracks. This fact is
extremely important because in biaxially loaded elements, the local variations allow
the reinforcement to transmit tension across the cracks.

At low values of shear stress, tension is in fact transmitted across the cracks
by means of a local increase in the reinforcement stresses. At a certain level of stress
the reinforcement will yield. At this point a further increase in shear can no longer
increase the stress in the reinforcement (the steel stress-strain behavior is flat). In
order to maintain equilibrium, shear stress has to be transmitted by local shear stress
at the crack. The ability of the crack interface to transmit this shear stress depends
essentially on the crack width and on the maximum aggregate size. A relationship

between the shear stress across the crack, the crack width and the compressive
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stress on the crack was assumed based on the work of Walraven Error! Reference

source not found..

These theory, derived from a large number of experimental tests, was used to
formulate a solution technique to evaluate the shear stress — shear strain curve for a
generic reinforced concrete element subjected to in-plane shear. A remarkable
agreement was found between the predicted response and the experimental tests,

conducted on RC elements of different sizes.

Eunperimenial polnts

Calculated response

(b)

Figure 14 — Test specimen PV29 — Predicted response and experimental evidence

In Figure 14 the results of one of the 30 tests is presented and compared with
the response predicted by the MCFT. On this rather simple element, subjected to
pure shear, the behavior can be expressed in terms of shear stress vxy and shear
strain. After cracking, a substantial reduction in shear stiffness is observed, but for
increasing shear strain the shear stress continues to grow until the reinforcement
yields along the weaker direction (at about 4MPa). At that stage a little increase in
shear stress is observed for increasing shear strain, due to aggregate interlock.
Subsequently the crack width increases and the effect of aggregate interlock
vanishes. The specimen fails when the reinforcement of the weaker direction

ruptures.
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2.1.2.2 The application of the MCFTto RC beam-column elements

The concepts and formulation of the MCFT can be extended to enable the
analysis of reinforced concrete beams loaded in combined shear, moment and axial
load.

This extension is made by using the simplifying assumptions of the
engineering beam theory. Generalized stresses and strains are used to characterize
the behavior of the beam sections. Vecchio and Collins Error! Reference source
not found.Error! Reference source not found. proposed a solution technique for
the analysis of beam sections subjected to a combination of shear, moment and axial
force.

The advantage of this type of approach, in comparison to typical shear
assessment methods (such as that described in 1.1.1.2), is that is more general, free
of empirical limitations. While in 1.1.1.2 a truss analogy was used and a fixed angle
of inclination of the diagonal cracks was assumed (equal to 30 degrees), this theory
evaluates the angle q from equilibrium, compatibility and stress-strain relationships,
for any level of stress. While all truss-analogy-based models simply assume that
transverse steel carries tension and concrete carries compression, in the present
approach the variability of the angle q over the section depth and the effects of
strain-softening behavior of concrete on shear are taken into account.

The application of the MCFT to the analysis of beams starts from the
assumption that the beam section can be discretized in a number of concrete and
steel individual layers (as for moment curvature analysis procedures, see 1.1.1.1).
Each layer is analysed individually as a plane stress-plane strain element and its state
is found with the procedure described in 1.1.2.1. In this case though, for each layer a
compatibility condition is also required to respect the assumptions of the beam
theory. The compatibility requirement consists in assuming that plane sections
remain plane and therefore the longitudinal strains in the concrete layers defining

the beam section must follow a linear profile (see Figure 15).
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In addition to the hypoteses of the MCFT, the extension to the analysis of
beam sections requires one more assumption to be made : the section shear flow
distribution is known. This is generally not the case in a RC beam, therefore the
shear flow distribution can be assumed to parabolic or uniform, depending on the
shape of the section. A more accurate solution could also be used where the shear
flow distribution is determined from the horizontal equilibrium between two

adjacent concrete layers Error! Reference source not found..
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Figure 15 — Layered model for beam section analysis

If the distribution of longitudinal strains and the shear stress of each concrete
layer are known, then all components of stress and strain can be determined with
the procedure described in 1.1.2.1.

The solution algorithm proposed in Error! Reference source not found.
starts from a tentative estimate of the principal direction q at each concrete layer,
then from the longitudinal strain field and the known shear stress distribution, the
longitudinal stresses are determined. The correct value of the angle q is found with a
trial and error procedure. Based on an assumed value of q, the principal
compressive stress and the stress in the transverse steel are determined from
equilibrium equations. The strain in the transverse steel is found from the stress-
strain relationship of the reinforcement. Similarly, the principal compressive strain is
found from the principal compressive stress and from the concrete consitutive
relationship. Once all components of strain are known, the angle gq can be

calculated. If this value agrees with the assumed one the solution is found, otherwise

the procedure is repeated for a different value of g until convergence is reached.
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The procedure is repeated for each concrete layer, enforcing the compatibility

requirement imposed by the plane section hypotesis.

The procedure by which the strain and stress states of a single layer are found
Is summarized in the following. As discussed above, it is assumed that the shear
flow distribution is known, therefore for a given value of externally applied shear

force on the beam section, the shear stress t, at each individual layer over the

section depth is known.

Step 1 — For assigned values of e, and t . assume a tentative value for g

Step 2 — Calculate s , as follows (see also Figure 17):

s =t (30
* tanq

Step 3 — Calculate s y and s, from the Mohr’s circle, as follows :

S =txy(tanq+1tanq) (31
s, =t tanq (32

Step 4 — Calculate the stress s , in the transverse reinforcement :

S, =S,/ (33
where r is the transverse steel reinforcement ratio (ratio of the area of
transverse steel to the area of concrete in the y direction). Note that eqn. ( 33
expresses the equilibrium in the transverse direction between concrete and

transverse steel (s (A, =s A, ).

ys s

Step 5 — Calculate e, from the stress-strain relationship of the transverse

steel
Step 6 — Calculate e, from the Mohr’s circle of strains (Figure 18).
Step 7 — Calculate the angle q from equation ( 28.
Step 8 — Check if the calculated angle is equal to the value assumed at Step 1.

If not, iterate from Step 1 with a new value of q .
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Figure 17 — Mohr’s circle of stresses Figure 18 — Mohr’s circle of strains

The procedure described above is repeated for each individual layer over the
section depth until convergence is achieved. The layer stresses are then integrated to
calculate the section forces (moment shear and axial force). If the section is not in
equilibrium, the procedure is repeated (for all layers) from Step 1, by assuming a
different distribution of the longitudinal strains e, at each individual layer.

The solution scheme of a beam section starts from a target value of externally
applied shear force at which to perform the calculations. Together with the target
shear force value, the ratio between bending moment and shear force of the
analyzed section must also be specified. Once the appropriate strain and stress states
of each individual layer are found and the section forces are in equilibrium, the
whole procedure can be repeated for another target value of shear force. In this way,
the procedure allows determining the complete load-deformation behavior of
individual layers of a generic RC section (in terms of average stress and average
strain components) and the load deformation behavior of the whole section (in
terms of generalized section forces and deformations). Thus, for a generic RC
section the moment-curvature and the shear force—shear strain sectional behaviors

can be determined for any arbitrary ratio between moment and shear. Similarly, for
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each level of generalized section forces, the distribution of stress and strain
components over the section depth can be determined.

For a specific section, analyses can be conducted for different ratios of
moment to shear and the different ultimate points can be determined. With this type
of procedure the shear vs. moment interaction diagrams can be constructed. The
same calculations can be repeated for different levels of axial force, so that the full
moment-shear-axial force interaction diagram of the analyzed section can be
constructed.

The extension of the MCFT to beam elements has been used to predict the
behavior of the bridge pier specimens tested in the laboratory. It is evident the
usefulness of a method capable of predicting, up to failure, the complete load
deformation behavior of a member characterized by a particularly complex
geometry of the cross section. Results of these predictions will be compared with
the experimental results in chapter 3.

As an example, the results obtained with the MCFT for one of the analyzed
specimens is presented herein to illustrate some features of the model. The behavior
of two “jewel” sections of the test specimens is described. One for which the
moment to shear ratio M/V=2.71 (section 1) and one for which M/V=1.94
(section 2).

In Figure 6, the shear-moment interaction curve is reported (top right
quadrant). In the Shear-Moment plane an element section is identified by a line
passing through the origin. The slope of the line identifies the moment to shear
ratio, therefore depending on the loading condition of the analyzed member, it
defines an element section. In this case the element is a column and it is loaded in
single bending with a point load (i.e. the bending moment diagram is linear while the

shear diagram is constant)..
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Figure 19 — Example of member analysis using the MCFT

In the top left quadrant, the maximum hoop strain is plotted against the
externally applied shear force. It is shown that, while in section 1 it takes a lower
value of externally applied shear force (than in section 2) to yield the transverse
steel, in section 2 the transverse steel reaches higher values of maximum strain
(about 20mm/m) than in section 1. This suggests that it is probable that a shear
failure will occur in a region closer to section 2 than to section 1. Also, if the
behavior of the hoop strain is compared with that of the longitudinal strain
(maximum on the section tension side), it is observed that in both sections
longitudinal steel yields before the transverse steel. The yield stress of longitudinal
and transverse steel are indicated with dashed lines. This indicates that the failure
will not be of the brittle shear type, but a moderate ductility capacity should be
afforded. The fact that section 2 is weaker in shear than section 1 is also confirmed
by the fact that at flexural yielding transverse steel is already about to yield in section
2, while in section 1 it takes an increase of about 0.5mm/m in longitudinal steel

strain to induce stirrup yielding.
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This relatively simple example shows only few of the features of this type of
model, while more details are given when comparing the results of the predictions

with the results of the laboratory experiments.
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3

EXPERIMENTAL STUDIES ON BRIDGE PIERS
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3.1 INTRODUCTION

In the present chapter the experimental results from laboratory tests
conducted on brige pier specimens are presented. The tests are of the pseudo-static
type and are conducted by subjecting the structures to repeated reverse-cyclic
excitations. The main purpose of this type of tests is to assess the seismic
performance of structural components under “standard” simulated earthquake
loading conditions. From this point of view, the experiments can be regarded as
“assessment methods” (see Error! Reference source not found.) that can be used
to evaluate the performance of a structural member under a generic seismic
excitation.

Some of the test results are presented herein also with the aim of showing
some of the issues that are encountered when checking the ability of simple
predictive models to assess the real behavior. In general, the real behavior appears
to be a lot more complex than what can be described by simple mathematical
models. However, it will be shown that, in some cases, the information provided by
the predictive models is sufficiently accurate and that further refinement is
unnecessary. The observed behavior of the tested specimens is continuosly
compared with the predicted response and comments are made on specific aspects
of these comparisons.

The use of large size specimens and large amount of instruments allows
discussing in detail the issues that are more relevant in the performance of the tested
units. Strain gauges are used on the reinforcing steel to measure the strain in several
locations and displacement transducers are used to measure average deformation
parameters over relatively large portions of the structures.

Considerations are made on the evolution of damage for increasing levels of
externally applied loads and the accuracy of the predicted behavior is checked at
each stage of material damage.

In the context od this dissertation, the objective of the experimental studies is
not only the description of the performance of a specific structural type under
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specific loading conditions, but rather the understanding of some general concepts
that are applicable to any RC beam or column structural member. The fact that the
analyzed structures are characterized by particularly complex geometry (hollow cross
section) should guarantee that an easier case would not present additional and

unexpected problems.

3.2 THE EXPERIMENTAL PROGRAM AT UCSD

The experimental program at the University of California San Diego is a part
of an on-going research task named “Seismic Post Retrofit Program”, which started
shortly after the Retrofit Program of the bridges in California had been completed
in 1997. The objective of this program is, in general, to develop advanced structural
systems to be used for the construction of new highway bridges in seismic regions,
in the State of California.

In general, the seismic design philosophy adopted by the California
Department of Transportation is to pursue the development of ductile reinforced
concrete structural components. Currently there are very few steel bridges and base-
isolated bridges in the State of California and thus research efforts focused primarily
on reinforced concrete continuous beam systems. For this class of bridges, the
seismic performance of currently used structural components needs to be improved
in terms of deformation capacity, economical feasibility and constructional easiness.

In this context, bridge piers have shown to deserve particular attention since
the global performance of this type of viaducts is strongly dependent on the
behavior of the supporting members.

These aspects motivated the definition of three different research tasks on
bridge columns within the Post Retrofit Program. The first was dedicated to the
improvement of the deformation capacity of slender columns obtained by the aid of
proper concrete confinement, afforded by the use of high strength transverse
reinforcement. The second and third tasks were instead dedicated to the
development of ductile RC hollow columns for large size bridges. Two different
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types of systems were analysed : thin wall circular units and rectangular units with
highly confined corner elements. These latter research tasks were carried out with
the primary objective of developing simple and economic ductile systems. This
aspect is very important and justifies many of the choices that were made in the
process of designing the test units.

The part of the experimental program conducted by the writer dealt with the
shear behavior of thin wall circular hollow columns with one layer of longitudinal
and spiral reinforcement near the outside face. One of the main objectives of this
part of the program was to find out how much could the wall thickness be reduced
while keeping a satisfactory performance. Other investigated aspects were the
efficiency of a single layer of reinforcement and the effect of the axial load.

By request of the sponsoring agency (the California Department of
Transportation), not only the structural systems but also appropriate methods of
analysis were developed. For this reason, in the experimental program considerable
effort was devoted to the development of accurate design and assessment
procedures to be used to predict the full non-linear behavior of this type of
structural members. In particular, revised analytical procedures to predict shear
strength and deformation capacities were developed. Sophisticated computer
models were used to confirm the results obtained with simple design equations.
Further comparison with the experimental results brought to a preliminary set of
design recommendations.

Following the considerations made above on the main objectives of the
experimental research program, a part of the results is presented herein to gain an
insight of the type of information that is attainable from large size testing of RC
members. The test specimens were subjected to severe shear demand and suffered
significant damage due to shear. For this reason the experimental results are
particularly relevant to the definition of the features to be incorporated in the
numerical model. Most of the experimental results were in fact of a unique source
of information in the definition of the numerical model that is proposed later in the

dissertation. For the reason of brevity the results of only one of the three tested
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specimens are presented, while few particularly interesting results from the other
two test units are subsequently presented to complete the discussion.

The presentation of the experimental research starts from the description of
the test specimens, followed by the adopted testing procedures and instrumentation
layout. The analytical procedures used to predict the behavior of the tested
specimens are also presented along with the procedures adopted to reduce the
experimental data.

Finally the experimental results are discussed in detail.

3.2.1 Characteristiscs of the test specimens

Previous research on hollow reinforced concrete columns has shown that this
type of structural members may be, in some cases, more efficient than equivalent
solid members from a structural point of view. In large bridges the weight of the
piers might not be negligible when compared to that of the superstructure. In this
case, in the response of the bridge to a lateral seismic input, the piers do not behave
simply as nonlinear springs, but rather as distributed mass fixed-fixed vertical
beams. If this is the case, the dynamics of the entire structure is altered by the
vibration modes of the piers. For this reason, it may be extremely convenient to
reduce the area of the pier cross section as much as possible, and consequently
reduce the seismic mass considerably. However, the wall thickness has a practical
lower limit governed by the potential for buckling of the concrete tube.

With the objective of reducing the cross sectional area very substantially, it
was decided to select a wall thickness equal to 10% of the section diameter. Previous
work on offshore structures had shown that the wall thickness can be reduced
further to 6 or 7%, however for the application on highway bridges it was decided
not to reduce the wall thickness eccessively in order to prevent buckling of the
concrete tube during bending.

Slender hollow circular RC columns were tested in New Zealand in the 80’s

Error! Reference source not found. and it was found that a ductile behavior is
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obtained with relatively low levels of longitudinal reinforcement and axial load and
reasonably thick wall. Also it was found that the available flexural ductility is
controlled by the position of the neutral axis with respect to the unconfined inside
face of the section. If the neutral axis is forced to occur away from the inside face
towards the section centroid, crushing of concrete occurs near the unconfined face,
inducing rapid strength degradation. This is the case of units characterized by high
longitudinal steel percentage and high axial load.

One of the main issues in this research program was to quantify the relevance
of this phenomenon on the shear strength of members characterized by a reduced
ratio of the shear span to the section diameter. In fact, concrete crushing near the
inside face reduces substantially the flexural capacity and affects indirectly the shear
strength as well.

Short hollow columns were tested in Japan in 1998 in a research program
sponsored by the Japanese Railway Company Error! Reference source not found..
These units though, were characterized by relatively thick walls (about 20% of the
section diameter) and were reinforced with a double layer of longitudinal rebars near
the inside and outside faces. Crossties were used to link the two layers of
reinforcement. In this case the behavior is remarkably ductile, but the construction
cost is rather high due to the complexity of casting multiple layers of reinforcement
and of placing several crossties.

Given the objective of keeping low construction costs and low mass per unit
length, it was decided to test thin wall members with only one layer of
reinforcement near the outside face. All test units were characterized by the same
amount of transverse reinforcement, while the longitudinal reinforcement and the
axial load were taken as experimental variables. The main characteristics (geometry,
reinforcement, axial load and concrete strength) of the test specimens are

summarized in the following Table 1 :
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Table 1 — Properties of the test units

. D t P/f.A, | Long. rebars Trans. f.
Specimen | M/VD NN . ‘

P (mm) | (mm) (%) (mm) Reinf. (mm) | (MPa)
HS1 25 1560 152 5 68 D13 D6 @ 70 40
HS2 25 1524 139 5 68 D16 D6 @ 70 40
HS3 2.5 1524 139 15 68 D16 D6 @ 70 35

The ratio of the shear span to the section diameter (M/VD) was selected

equal to 2.5, which is a typical value for shear-dominated tests. In Table 1 t is the
section wall thickness and P /fC'An is the normalized axial load ratio, referred to the

section net area. The longitudinal reinforcement consists of 34 bundles of two bars,
while the transverse reinforcement consists of a continuous 6mm spiral with a pitch
of 70mm. The concrete strength f_refers to the tests conducted on concrete

cylindrical specimens at 28 days. For all units, nominal properties of longitudinal

and transverse steel were as follows :

Table 2 — Steel mechanical properites

Type Es (Gpa) | f,(MPa) | f,(MPa) e
Long. Rebars 195 450 700 0.08
Spiral 165 635 820 0.015

The longitudinal reinforcement ratios, referred to the section net area were
1.4% for unit HS1 and 2.3% for units HS2 and HS3. The volumetric ratio of
transverse reinforcement (referred to the concrete net volume is 0.35%). The
section geometry with the arrangement of longitudinal and transverse reinforcement

is shown in Figure 1 :
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cover : 13mm (to main long. rebars)

Long. reinf. : 34 bundles of 2 bars

1244mm 1524mm

Figure 1 — Section geometry and reinforcement

The first unit (HS1), characterized by low levels of longitudinal reinforcement
and axial load was designed to fail in flexure. The second (HS2), characterized by a
higher level of longitudinal reinforcement was instead designed to fail in shear. The
third (HS3), with the same longitudinal reinforcement as HS2 and a higher axial load
ratio was designed to induce a brittle flexural/shear failure.

In the following, the results of unit HS2 will be presented in detail, while only
specific information will be given on the results of HS1 and HS3.

The reinforcing cage of unit HS2 is depicted in Figure 2.
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Figure 2 — Unit HS2 — Reinforcing cage

In Figure 3 and Figure 4 the top of unit HS2 is shown before and after
concrete casting. From Figure 4 it can be noted that the inside formwork was
removed after casting and that the inside surface was painted in white in order to

identify concrete cracking.
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Figure 3 — Unit HS2 before casting Figure 4 — Unit HS2 after casting

3.2.2  Testing procedures, instrumentation and data reduction

The seismic performance of the test units was assessed by conducting
pseudo-static tests under reverse-cyclic simulated earthquake loadings. The test
setup and the loading schemes will be discussed first, then the instrumentation
required to measure strains and deformation components will be briefly presented.

3.2.2.1 Test setup and loading schemes

The specimens were tested with a cantilever scheme in a pseudo-static
fashion. Lateral diplacements were applied at the column top with the aid of a
couple of hydraulic actuators, working in parallel. The vertical force was applied
with the aid of an axial load device consisting of two steel rocking beams and four

vertical prestressing bars. The prestressing bars were attached at the end of the
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rocking beams and strongly connected to the floor. The test setup is depicted in
Figure 5.

The inside of the column was monitored during the tests with the aid of a
video-camera. A specific device was built in order to rotate the camera and move it

up and down to guarantee a good view of ¥ of the inside surface.
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Figure 5 — Test setup

The specimens were anchored to the strong floor by means of 18
prestressing bars attached to the foundation footing. This latter was also post-
tensioned in order to prevent concrete cracking during testing.

The hydraulic actuators were attached at the column top on one side and
against the reaction wall on the other side.

The rocking axial load device was needed in order to apply high axial forces

without transmitting flexural actions on the column top. The force acting on the
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four vertical bars employed to apply the axial load was monitored by means of two

load cells. In fact the axial load varies slightly when applying lateral forces.
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Figure 6 — Lateral loading protocol

Lateral actions (with increasing amplitude) were applied alternatively in the
push and pull directions, following the standard loading protocol represented in

Figure 6. Elastic cycles were conducted in load control up the theoretical first yield
of longitudinal rebars (100% V), while inelastic cycles were conducted for

increasing levels of displacement ductility (1,1.5,2,3,4 and 6) with three repeated

cycles at each ductility level.

3.2.2.2 Instrumentation

A reference system is used to easily identify the location of the instruments
(refer also to Figure 5). Around the circular column, four vertical generators are
defined as follows : the south generator is that closer to the reaction wall while that
on the opposite side is denoted as north generator. The west side of the column is

that visible from Figure 5.
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A vertical reference axis is used to identify the vertical location of the
instruments, where the origin is placed at the column base. With this definition, a
negative ordinate identifies instruments located inside the foundation footing.

Strain gauges were mounted along the main longitudinal rebars and on the
continuous spiral along the four above-mentioned generators. In units HS1 and
HS3 additional gauges were also mounted along intermediate generators (e.g. north-
west, south-east, etc.).

On the main longitudinal rebars gauges were mounted up to a height of
1500mm above the column base with a 150mm interval. On the spiral instead
gauges were mounted up to the column top with an interval of 140mm near the
base region and with an interval of 210mm in the upper part of the column. On the
longitudinal rebars gauges were mounted also inside the footing to control the
development of plastic deformation inside the foundation block.

Curvatures were measured along the column height by means of 8 curvature
cells. The height of the curvature cells was reduced to the minimum afforded by the
size of the potentiometers near the column base, while it was larger in the upper
part of the column (see Figure 7).

The shear deformations were measured by means of two shear deformation
panels mounted on the column east and west sides. Each of these panels was
subdivided in three blocks (see Figure 8). In each of these rectangular blocks the
change in length of each side of the rectangle is meaured along with the change in
length of one of the diagonals. Note that the change in length of the vertical sides of
these blocks is measured via the curvature cells. The procedures employed to
calculate shear and flexural deformation components are explained in 1.2.2.3.

In addition to this instrumentation, two small shear deformation panels were
mounted along the east and west generators to monitor the local shear behavior
within the region that is more critical for shear (see Figure 8). The size of these small
square panels was selected in order to be sufficiently small to capture the local
behavior. In fact the size could not be less than 305mm because, in order to

measure the average strain behavior (see also Error! Reference source not found.),
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it was necessary to develop at least 2 or 3 cracks within the panel size. It will be
shown that in unit HS3 more local shear deformation panels were mounted in order
to measure the shear deformations over the section depth. This is an important

aspect that will be discussed later in more detail.

@ £

=

Figure 7 — North side of unit HS2 Figure 8 — West side of unit HS2

The column top displacement was measured by means of a string
potenetiometer attached at the column top on one side and on a strong reference
column on the other side. The rotation of the column top was measured by an
inclinometer. The displacement of each of the two actuators was monitored during
the test by means of two displacement cells.

3.2.2.3 Experimental flexural and shear displacement components
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In the present paragraph, the main conventional definitions of experimental
displacemnt components are presented. In particular the definitions of yield
displacement, flexural and shear deformations will be discussed.

The yield displacement is a quantity that is defined during the experiment. It
represents the onset of plastic deformations in an ideal bilinear force-displacement
behavior. In the bilinear approximation the yield displacement is supposed to occur
at a level of lateral force equal to the nominal flexural capacity. As discussed above,
the nominal flexural capacity of a column member can be estimated with moment-
curvature analysis of a member section, based on a specified target strain level in
concrete and steel. From the nominal moment (ideal flexural) Mt , the nominal
shear at ideal flexural strength Vis can be determined simply as :

Vit = Mit / Hc (1
where Hc is the column clear length of inflection.

Similarly, the shear force at first yield of longitudinal rebars V'y can be

calculated as the ratio between the first yield moment M'y and the clear height of

the column H..

A Ultimate flexural
point \

3 —Q

B V _____ g :

rellL ’ > T Nominal flexural
(58] ' .

% V, capacity

'y :

First yield of longitudinal
rebars

D, D

u

Lateral displacement

Figure 10 — Idealized force-displacement bilinear behavior and yield displacement

In the initial stages of the test, increasing lateral load is applied until first yield
of longitudinal rebars is reached (which is generally confirmed by the readings of the

strain gauges on the main longitudinal rebars). At this level of applied force, the first
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yield displacement D'y is recorded and the yield displacement D, is defined as (see

also Figure 10):

D, =D (2

In egn. ( 2 Virand V'y are theoretical values, while D'y Is experimental. As a

consequence, the experimental yield displacement will differ from the predicted one
In proportion to the inaccuracy on the expected first yield displacement. In general
this discrepancy is very limited, therefore experimental displacement ductilities
coincide with theoretical displacement ductilities. This aspect is particularly
Important when considering that the estimate of the failure point made with the

shear models is based on an “estimate” of the yield displacement.

During the test, shear and flexural deformations are monitored in several
points along the column height, as discussed in 1.2.2.2. A curvature cell consists of a
couple of linear potentiometers measuring the distance between two sections : one
is located on the compression side and one on the tension side (see Figure 7 and
Figure 8) . The average curvature between the two sections is computed as :
-b-b (3

Ihlv

f

where D, and D, are the change in length of the two potentiometers, Iy is the
horizontal distance between the two potentiometers, while v is the gauge length
(that is, the vertical distance between the two considered sections).

The definition of the experimental curvature applies to all curvature cells
above the base. For the base curvature cell, an additional consideration needs to be
made. The well-known phenomenon of strain-penetration causes significant plastic
deformations to occur below the column base. For this reason, the measurement of
the base curvature requires a different definition, in order to account for the
additional plastic deformation that develops below the column base. Past experience
has shown that a good estimate of the base curvature can be made by using a

revised gauge length Iy :
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The influence of the strain penetration might be surprisingly considerable.

For this reason, when presenting the experimental results, curvature diagrams are
plotted with and without the effect of strain penetration.

The shear distortions are computed in each of the three blocks of the shear
deformation panels as a function of the change in length of the four sides and the

diagonal of the rectangular panel. The calculated shear distortion represents the

average over the rectangle height. The procedure according to which the distortion
is computed based on the scheme of Figure 11.
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Figure 11 — Evaluation of the experimental shear deformations

The shear distortion of the panel is given by :

_ dsh (5
J h, cosR
where :
dy, =d, - d; -d,

(6
d =[(dv1 +dv2)/2]5inR

(7
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d,

|(d, +d, )7 2]cosR (8

Once average curvatures and distortions are computed in the different gauge
locations, the corresponding contributions to the top displacement can be

computed by integration along the column height.

3.2.3 Predicted Response of unit HS2

This unit was designed to induce a shear failure. In fact, HS2 was
characterized by the same geometry, the same amount of transverse reinforcement
and the same axial load ratio (5%) as unit HS1 (which failed in flexure). The only
difference is the amount of longitudinal reinforcement (2.3% instead of 1.4%). This
difference essentially increases only the flexural capacity, while the shear strength
remains almost the same. As a consequance, this column is significantly weaker in
shear than HS1. Refer to 1.3 for details on the response of unit HS1.

For a bridge pier with this ratio of shear span to section diameter (2.5) a 2.3%
longitudinal reinforcement represents probably an upper limit for usual design
practice. Shear will considerably govern the behavior of this unit, inducing large
deformations in the transverse reinforcement.

The response of the test unit was predicted before the test, both in terms of
global force-displacement behavior and in terms local flexural and shear behavior.
The main results obtained from pre-test analysis are discussed in the following two
sections. The same topic will be commented later during the discussion, in order to
verify the adequacy of the simplifying assuptions adopted by the different predictive
models, by comparing the predicted response with that observed during the test.

All predictions are monotonic, intending to be representative the envelope
behavior under cyclic actions. More refinement was required for the analysis of this
particular test unit, due to the brittle expected response. Particular attention has

been devoted to the prediction of the behavior in shear. Analysis was conducted
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with simple shear srength models and with the Modified Compression Field Theory
(denoted as MCFT throughout).

3.2.3.1 Force—displacement predicted response

The predicted response of the column was obtained by using the procedures
described above in section Error! Reference source not found.. The UCSD shear
model was used in its traditional form Error! Reference source not found. and in
the revised form Error! Reference source not found. (as described in Error!
Reference source not found.). In addition to the UCSD shear strength models,
two more shear strength models were used. The first is that proposed in the ATC32
Error! Reference source not found. and the second is that contained in the
current Caltrans seismic design provisions for bridges Error! Reference source not
found. (denoted as M20-4). More detailed analyses were conducted also with the
Modified Compression Field Theory. Results are presented in Figure 12. The force
displacement predicted behavior was determined the methods described in Error!
Reference source not found.. The force deflection curve for the MCFT was
derived by subdividing the column in 5 portions and by computing shear and
flexural deformations in each of these portions with the MCFT. The main
difference in the predicted curve is the estimate of the ultimate point.

In the graph of Figure 12, the predicted envelope behavior is terminated (for
covenience) at a displacement of 120mm, where flexural analysis indicates that the
strain in the tension reinforcement is 5.3% and that of concrete in compression near
the inside face is 0.375%. The ultimate point of the MCFT predicted curve instead
is located at a displacement of 68mm, where this model predicts a shear failure due

to concrete crushing in diagonal compression.
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Figure 12 — Predicted response of unit HS2

All the considered shear strength models predicted shear failure before
ultimate flexural capacity is reached. In calculating the shear strength, conservative
assumptions were made for the angle of inclination of shear cracks (q =30°) and
for the yield stress of the transverse reinforcement (635MPa).

Note that the predicted type of failure would not change if less conservative
values were assumed for the angle g and for the yield stress of transverse steel. All
models considered in this analysis would still predict a shear failure.

In this unit a large scatter in the expected failure point among the considered
models is found. While the model from ATC-32 predicts a shear failure within the
elastic phase (at displacement ductility of 0.8), the Caltrans M20-4 model indicates
that shear failure will occur at ductility 2.0. The UCSD models (original and revised
version) predict a shear failure between ductility 3.0 and 3.75. Note that in this case

the V , component is 203kN. If this component is neglected, the predicted failure

would be between ductility 2.3 and 2.8. The shear strength curve with V=0 can be
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obtained by shifting down the curve of Figure 12 by 203kN, since the axial load
component is independent on the level of applied displacement.

A better understanding of the predicted behavior is obtained by analyzing the
development of the average strains in the transverse reinforcement. In the graph of
Figure 12, two characteristic points are indicated along the predicted force-
displacement curves. The first point corresponds to the strain activation in the
transverse reinforecement (onset of spiral deformation). The second is the point at
which transverse steel yields. Note that the predicted strain activation points
(according to UCSD and MCFT) coincide, while there is a substantial difference in
the estimate of the yield point. The behavior of transverse steel is particularly
important in this unit since it strongly influences the mechanism that induces the
column failure. The matter will be analyzed in more detail in 1.2.3.2.

The main results of predicted strengths and deformation capacities are

summarized in the following Table 3 :

Table 3 — Predicted load and displacement at failure

Model Vtail. Drail. Type of
UCSD-1* 1440 76 Shear
UCSD-1 (without 1380 64 Shear
UCSD-2* 1525 94 Shear
UCSD-2 (without 1410 73 Shear
ATC-32 1000 22 Shear
Caltrans M20-4 1350 57 Shear

*UCSD-1=UCSD original model, UCSD-2=UCSD revised model

The flexural properties determined on the basis of moment-curvature analysis

of the base section are summarized in Table 4 :

Table 4 — Flexural properties

Test stage Moment Curv. C i
Cracking 1670 0.431 795 -0.03

First yield 3570 2.37 417 -0.06
Nominal 5100 - - -
Ultimate 6130 48.7 235 -0.47
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The flexural analysis indicates that, at ultimate, the section compression
depth at column base is 235mm compared to 139mm of the wall thickness. This is
due to the comparatively high level of longitudinal reinforcement (2.3%). In fact this
condition should never occur, since it is expected that a shear failure will occur
before ultimate flexural capacity is reached. However, high compressive strains near
the inside face might anticipate the concrete spalling. In the first test unit (HS1), this
phenomenon was underestimated from moment-curvature analysis, but it was
determinant for the overall behavior and for the column failure. At the expected
failure point (according to the UCSD traditional shear model) concrete compressive
strain near the inside face should be close to 0.2%.

Concrete properties were determined based on the Mander model [...],
assuming a confining pressure of 800kPa. This value seemed to be a little high for
the previous test unit, but it would probably be more accurate here, where larger
strains are expected to occur in the transverse steel since early stages of testing.

Cracking was estimated by assuming a concrete tensile strength equal to

0.5,/f, [MPal.

3.2.3.2 Shear behavior

The shear behavior of this unit is particularly relevant in predicting the global
response. The shear strength degradation will cause inelastic strains to occur in the
transverse reinforcement and consequently shear deformations will be particularly
significant. It is therefore interesting in this case to analyze the development of
strains in the transverse reinforcement as a function of the applied load or
displacement. Note that, using the procedures described in Error! Reference
source not found. to derive the lateral strains from the available shear strength, it
will be necessary to assume an equivalent bilinear stress-strain relationship for the

transverse steel. With this assumption it will be possible to evaluate the average
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transverse steel strains for stress values greater than the assumed vyield stress.

Referring to the steel properties found in 1.2.1, the following parameters are

assumed:
E, =165 GPa
E ,,=8.6 GPa
f,, =635 MPa

Where E, is the elastic modulus, E is the strain-hardening modulus and
f,n is the assumed yield stress.

Based on the bilinear approximation for the transverse steel behavior, lateral
strains can be calculated by using the UCSD original model, up to the ultimate
flexural point. Given the nature of this three component model, it is always
obtained that the shear failure point corresponds to yielding of transverse steel.
However, it is interesting to see what happens to lateral strains when the shear
strength is less than the flexural capacity. Strains will obviously increase rapidly after
the yield point is reached. It is of interest to know how much additional force or
displacement is needed to rupture the transverse steel. From material testing it was
observed that the rupture strain can be as low as 1%.

Predictions were conducted by using the UCSD original model with and

without the Vv, component. The development of lateral strains is analyzed again

both as a function of the applied lateral displacement and as a function of the lateral
load. From Figure 14 it can be observed that yielding of transverse steel occurs
between ductility 2.5 and 3.0, while rupture should occur instead between ductility

3.0 and 4.0 (the lowest value corresponding to the absence of the V , component).

From Figure 15 it can be seen that once the yield stress is reached, it takes
almost zero additional lateral force to rupture the transverse steel. This is because of
the low strain hardening properties of this paticular type of steel.

The strain activation in the transverse reinforcement should occur between
550kN and 750kN, depending on the effect of the axial load component V. It

should be appreciated that the option of fully including or totally neglecting the V
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component has a significant influence on the strain activation load, while it has less

influence on the load at which rupture of transverse steel will occur.
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3.2.4  General observations during the test (unit HS2)

The test unit was subjected to the loading history described in 1.2.2 and the
damage was monitored by marking concrete cracks. During the force-control phase
(elastic cycles) cracks were marked at each peak value of the applied lateral load (in
both push and pull direction). During the displacement-control phase (inelastic
cycles) cracks were marked, for each ductility level, at the first peak of the applied
lateral displacement in the push direction and at the first peak in the pull direction.
Surface cracks generated by actions applied in the push direction were marked with
a black pen while cracks generated by actions applied in the pull direction were
marked with a red pen. At the end of each crack the values of the applied load (or
displacement) were also indicated with a label. In the photos, the cracks that formed
in the third cycle (at each ductility level) were differentiated from others by adding a

superscript “3“ to the corresponding label (e.g. cracks that formed at the third cycle

at ductility 1.0 in the pull direction were labeled n?).

The inside face of the test unit was monitored by the video camera mounted
in the south side of the column (facing north). This device was able to show the
presence of surface cracks in a range of approximately 180 degrees, therefore
including the West, North and East generators. A reference system was drawn in the
inside face of the column, indicating the distance in mm from the column base
along each of the above said generators. Experience showed that the resolution of

the camera was able to clearly show cracks with a width of at least 0.2mm.

3.24.1 Elastic cycles

Elastic cycles were conducted in load control by monitoring the force applied
in the two hydraulic actuators. The applied force was exactly the same in the two

actuators throughout the elastic cycles.
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The axial load was applied by acting on the oil jacks as described in 1.2.2. The
target load was reached by reading the force value indicated from each of the two
load cells. At the beginning of the test, when no lateral action was applied, the
values of these forces were 616kN in the east bar and 602kN in the west bar. The
total axial load on the column was therefore 1218kN. The application of the axial
load did not induce any cracking in the test unit.

The value of the applied axial load was monitored throughout the test and it
was found that it varied slightly during the application of the lateral action. The
maximum value recorded during the test was 1276kN (corresponding to an increase
of 5% in axial compression) while the minimum recorded value was 1160kN
(corresponding to a decrease of 3% in axial compression). Details of this aspect will

be given in 1.2.5.3.

+ 225kN cycles (25% of theoretical first yield)
At this stage no cracks were visible on either sides of the test unit, as
predicted by the analysis.

+ 450kN cycles (50% of theoretical first yield)

Flexural cracking occurred with a spacing of approximately 150-160mm up to
550mm above the column base. No cracks were visible in the inside face of the
column. Concrete cracking was expected at 430kN, exactly when it occurred. This

confirms that the estimate made for the concrete tensile strength was accurate

lF. =055

+ 675kN cycles (75% of theoretical first yield)

More flexural cracking appeared above the existing flexural cracks. The width
of these cracks was estimated to be 0.1mm in average. Strains in the longitudinal
reinforcement were ranging 1300-1400re. Some flexural cracks near the column

base were also visible from the inside of the column.
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Shear cracking occurred up to 2100mm above the base. These cracks had
almost the same inclination in this region (about 50 degrees from a vertical axis
along the east and west generators). See Figure 16

Figure 16 — Unit HS2 (West face at 675kN cycle)

+ 900kN cycles (theoretical first yield)

At this stage more flexural cracking was observed in the upper part of the
column and more shear cracks formed. The average width of shear cracks along the
east and west generators was 0.25mm. The angle of inclination of diagonal cracks
reached a minimum of 35 degrees in the upper part of the column.
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The test unit was cracked up to two diameters above the base. A similar crack
pattern was observed from the inside of the column, indicating that the wall was
completely cracked. The tensile strain in the longitudinal reinforcement at column
base was 0.22% in average.

The top lateral displacement reached at this load stage was used to define the
target yield displacement (corresponding to ductility 1.0). The average recorded
displacement in the push and pull direction was taken and the displacement at

ductility 1.0 was defined as :

25.

_ 247.16 +16.81 §1315 _
Dy = : =
§ 2 o0

Details on the definition of displacement and curvature ductilities were given
in 1.2.2. The behavior showed to be remarkably symmetric, indicating that no major
lacks of symmetry were introduced during construction due to inevitable

inaccuracies.

3.2.4.2 Inelastic cycles

Inelastic cycles were conducted in displacement control, but only one of the
actuators was used in displacement control, while the other one was constrained to

apply exactly the same lateral force in order to have a better control.

nb=1.0 (3 cycles, lateral drift=0.66%)

During the cycles at ductility 1.0 new shear cracks formed in the upper part
of the column and existing ones increased in width up to 0.55-0.65mm (Figure 17).
Transverse steel reached an average strain of 0.25% in the first cycle and 0.32% at
the end of the third cycle (note that material testing revealed an average yield strain
of 0.38%). As expected, transverse steel remained within the elastic range at this

stage. In the inside face some flakes were visible along major shear cracks.
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Figure 17 — Unit HS2 (West face at ductility 1.0)

mp=1.5 (3 cycles, lateral drift=1.0%)

Longitudinal bars at column base reached a strain of 1% in tension and 0.2%
in compression. Moderate signs of incipient concrete spalling were visible on the
outside compression region. Flexural cracks increased in width up to 0.7mm. No
signs of incipient spalling were visible from the inside.

Shear cracks increased in width up to 0.7mm. Several flakes were observed in
the inside face along the shear cracks. Transverse steel reached a peak strain of
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4000rre, indicating that the estimate of the yield point made with the UCSD models

was a little unconservative.

nby=2.0 (3 cycles, lateral drift=1.33%)

Concrete spalling occurred in the outside face (Figure 18) but no significant
rebar buckling occurred. Strength degradation among the three cycles was limited to
less than 10%. Strain in the transverse reinforcement reached a peak of 5300ne.

Longitudinal strains in the vertical bars reached 1.4% (at column base) in
tension and 0.53% in compression, indicating a compression depth of at least
400mm.

Figure 18 — Unit HS2 (North face at ductility 2.0)

mpy=3.0 (2 cycles, drift=2.0%)
While approaching the target displacement at ductility 3.0 major spalling of
concrete in compression occurred in the inside face) at a height of approximately
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400mm from base (Figure 19). This caused a sudden drop in the applied lateral
force of about 25%.
Shear cracks reached an average width of 0.9mm inducing a deformation in

the transverse steel of 0.7%. More spalling was also visible from the outside.

The subsequent cycle at ductility 3.0 caused longitudinal rebar buckling in the
base region, where a reduced spacing of the transverse reinforcement (35mm) had
been adopted to prevent it. It has to be noted that rupture of transverse steel in the
compression region (see Figure 20) did not occur exactly in the North and South
direction, but in a location about 30 degrees away from it (simmetrically on both
sides). This was probably due to the presence, in that location, of large and steep
inclined compressive concrete struts due to shear.

The same compressive struts are clearly visible from the inside, as it can be

seen in Figure 19.
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Figure 19 — Unit HS2 (North inside face at failure)
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Figure 20 — Unit HS2 (North face at ductility 3.0)

nb=3.5 (1 cycle in the pull direction , drift=2.33%)

After two cycles at ductility 3.0, since a substantial loss in strength was
already obtained in the push direction, it was decided to proceed towards ductility
4.0 in the pull direction. A major shear failure occurred at ductility 3.5 with a large
shear crack inclined at 35-40 degrees forming in the east side of the column from
the base to a height of approximately 1000mm(Figure 21). Transverse steel fractured
along the crack and a considerable sliding (about 15mm) of the two faces of the
crack was observed. Longitudinal bars were also significantly deformed along the
crack

Considerable buckling of longitudinal bars was observed, involving 5-7 layers
of transverse steel (see Figure 22). Rupture of transverse steel was observed in two

layers.
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Figure 21 — Unit HS2 (Shear failure on East face)
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Figure 22 — Unit HS2 (South face at failure)

The test was brought to completion by moving back to zero displacement

and by removing the axial load.

3.2.5 Hysteretic Response (unit HS2)
3.25.1 Force-displacement

The force-displacement hysteresis curve was obtained by plotting the total
applied lateral force as a function of the lateral displacement measured at the
column top. This curve is shown in Figure 23. In the top horizontal axis, the scale
of the experimental displacement ductilities is indicated. In the same graph the
predicted envelope behavior and failure points are also indicated. The different
failure points refer to the UCSD shear models and to the Modified Compression
Field Theory.
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During the inelastic phase it can be noted that repeated cycles at the same

ductility level did not induce significant strength degradation before ductility 3.0. In
fact, before ductility 3.0, strength degradation caused by repeated reverse cycling did

not exceed 10%.
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Figure 23 — Force-displacement experimental response of HS2

As it is often the case with shear failures, the behavior was not symmetric.

Concrete spalling in the inside face occurred only in the push direction and a

corresponding loss in strength of 25% was observed. In the pull direction instead,

significant strength degradation was not reached until failure in shear at ductility 3.5.

The behavior at failure matched well the predicted one. As it was anticipated,

according to the UCSD traditional shear model, transverse steel would have

ruptured between ductility 3.0 and 4.0. This is in fact what happened during the test.

The aspect will be analyzed in more detail during the discussion.

120
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3.2.5.2 Moment-curvature

Curvatures were measured along the column height by means of eight
curvature cells. The base curvature is plotted in Figure 24 as a function of the base
moment. In computing the base curvature the effect of strain penetration was taken
into account. Note that in this case the revised cell height differs substantially from
the original value. This aspect will be described in more detail in the following
section 1.2.7.2.

In Figure 24 the experimental moment-curvature response is compared with
the predicted one. The ultimate points corresponding to the shear failures predicted
by the UCSD models are also indicated in the graph. The top horizontal axis
indicates the curvature ductilies as identified from the experimental results. For each
peak during the inelastic phase, the displacement ductility is also indicated near the

peak with a label.
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Figure 24 — Moment-curvature experimental response of HS2
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From the graph of Figure 24 it is evident the effect of shear cracks on the
shape of the cycles after ductility 1.5. In particular it can be observed that the low
stiffness near the origin is due to the presence of a considerable width of the shear
cracks. During the reloading phase, shear cannot be transferred across the cracks

and consequently the average stiffness is very low.

3.25.3 Axial-load

The graph of Figure 25 shows the variation in axial load during the test as a
function of the applied lateral displacement. On the vertical axis on the right side of
the graph the normalized axial load (P/f;Ag) Is also indicated. In comparison to

the previous test unit (HS1), for the same level of applied lateral displacement there
is a less significant oscillation in axial force. This fact is probably due to the higher

axial stiffness resulting from a higher level of longitudinal reinforcement.
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Figure 25 — Axial Load-displacement experimental response of HS2

3.2.5.4 Shear-shear strain
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The shear behavior was monitored by the shear deformation panels mounted
on the east and west sides of the column. Each shear deformation panel was divided
in three blocks and the results from each of the three blocks were plotted in Figure
26. In the graphs, the peak values are identified with a black dot and the
corresponding displacement ductility level is indicated with a label. Note that the
average moment to shear ratio is 3.3 in the bottom panel, 2.12 in the middle panel
and 0.93 in the top panel.

In reading the results from the graphs, refer to the considerations given in
1.2.2 for the meaning of the measured deformations. Also note that in the bottom
panel the change in length of the vertical sides was measured by means of 4
displacement transducers.

In general it can be observed that, large shear deformations occur only in the
base region. Note that the amount of shear deformation is about the same as it was
in HS1 for the same level of applied lateral displacement. The displacement ductility
Is quite different, due to the different flexural properties, but the amount of shear
deformation corresponding to a given drift ratio is about the same in the two test
units. It can be concluded that, as expected, for the same level of flexural damage
this unit undergoes larger shear deformations than unit HS1. This confirms the
predicted behavior, since it was anticipated that the first unit was designed with the
objective of being dominated by flexure, while the present unit was designed to be
dominated by shear.

We also observe that the considerable opening of shear cracks at later stages
of testing (up to 0.85mm) caused a remarkable loss of shear stiffness in the
reloading phases. This is paticularly evident in the bottom region. It is also evident
the lack of symmetry in the behavior. While the shear deformation at ductility 3.0 in
the first peak in the push direction was 9mm/m, in the first peak in the pull

direction was 12mm/m.
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Figure 26 — Shear-shear strain experimental response of HS2
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The shear behavior was also monitored locally by means of four small shear
deformation panels, mounted along the east and west generators. Two panels were
mounted on each side of the column in two strategic locations, considered to be
good points where to monitor the shear deformations. In fact, it was observed from
the previous unit (HS1) that the shear behavior in the region within the first 500mm
above the column base was significantly altered by the confining effect provided by
the foundation footing. It was also noted that the shear critical region (as identified
from the crack pattern and from the readings on the gauges mounted on the spiral
along the east and west generators) happened to be within 0.5 and 1.5 diameters
above the column base. It was therefore decided to analyze the shear behavior of
this region in more detail, by subdividing it in two parts and by mounting a small
deformation panel at mid-height of each of these two portions. This feature should
help in analyzing the way the shear behavior changes in the shear critical region as
the moment to shear ratio varies.

For practical reasons the panels were mounted only approximately at the
locations indicated above. The bottom panel was located at 1016mm above the base
(where the moment to shear ratio is 2.86) and the top panel was mounted at
1778mm (where the moment to shear ratio was 2.1). Analysis of these two sections
under the above said moment to shear ratios was conducted with the Modified
Compression Field Theory using the computer program Response 2000. It was
found that a shear failure was expected to occur near the bottom panel. Shear force-
shear strain curves obtained from the readings of the instruments are compared in
Figure 27 and Figure 28 with the predictions obtained using the Modified
compression Field Theory (denoted as MCFT).

In fact, the ultimate value of the shear deformation was underestimated in the
bottom portion, but the envelope behavior was well captured. The analysis indicated
that failure would have occurred in the region near the bottom panel due to
concrete crushing in diagonal compression. It is believed that this expected failure
mode coincided with the first substantial loss of strength observed at ductility 3.0

when concrete spalled in the inside face. The sharp sloping of the inclined
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compressive struts brought the concrete crushing further down towards 600mm

above the base.
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3.2.6  Envelope response (unit HS2)

The envelope response describes the behavior of the structure at the peaks of
applied load or displacement. For the load control phase all peaks will be
considered, while for the inelastic phase, at each displacement ductility level, only
the first peak in the push direction and the first peak in the pull direction will be
considered.

3.2.6.1 Displacement components

Shear and flexural contributions to the top displacement are analyzed in the
following, at each stage of the test. The flexural displacement component is
computed from the readings of the curvature cells with the assumption that the
curvature remains constant within the cell height. Curvatures are integrated along

the column height to obtain the contribution to the top displacement (see 1.2.2.3).
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Figure 29 - Shear and flexural displacement components

The shear displacement component is computed from the readings of the

shear deformation panels. Readings from the east and west panels are averaged to
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calculate the average shear distortion in each of the three portions of the shear
deformation panel. Shear distorions are integrated along the column height to
obtain the shear contribution to the total displacement.

In Figure 29, shear and flexural deformation components are expressed as a
percentage of the total displacement measured on the column top. It can be noted
that the behavior is not symmetric in the push and pull direction. However, a similar
trend is shown in both directions of loading with respect to the mutual interaction
between shear and flexure.
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Figure 30 — Displacement components as a function of the top displacement
During the elastic phase and up to displacement ductility 1.0 in the inelastic
phase, the shear deformation component grows steadily while the flexural
component decreases. In the later stages of testing (from displacement ductility 1.5
to 3.5) the two contributions maintain roughly the same value. Note that the shear
contribution to the top displacement accounts for about 30% of the total

displacement.

120
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In Figure 30 the displacement components are plotted as a function of the
total displacement measured on the column top. The main purpose of this graph is
to check if the readings from curvature cells and shear deformation panels were
accurate. If the shear and flexural deformation components (calculated with the
procedure described above) are added, exactly the total displacement measured on
the column top should be obtained. In fact, in this simple case there are no other
significant contributions to the column top displacement except the column shear
and flexural deformation (e.g. the shear deformation of the foundation footing is
negligible). It can be observed that this check was successful, since the computed

displacement matches quite well that measured on the column top.

In Figure 31 the shear and flexural components to the top displacement are
plotted as a function of the applied lateral load. We can observe that significant

shear deformations do not appear before at the 900kN cycle.
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Figure 31 — Displacement components as a function of the lateral applied load
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3.2.7 Profiles at peak load (or displacement) levels (unit HS2)

Strain or displacement profiles describe the distribution of a generic
deformation parameter along a line on the structure at peak load or displacement
levels. Profiles can be plotted along the column height or over the section depth in
order to describe the distribution of the deformation parameter for increasing lateral
forces.

Profiles are presented herein for each load step in the push and pull direction
during the load control phase (elastic range). During the inelastic phase instead,
profiles are presented for the first peak in the push direction and for the first in the
pull direction, at each displacement ductility level. The behaviors during the elastic
and the inelastic phases are printed in different graphs, adopting different scales in
the horizontal axis. The load stages in the elastic phase are identified with a label
indicating the load level in kN, while load stages in the inelastic phase are identified

with the displacement ductility level.

3.2.7.1 Flexural and shear deformation components

As it was discussed above, shear and flexural deformations vary as a function
of the applied lateral force. In fact, these deformation components have significantly
different distributions along the column height. Shear displacement profiles are
obtained by computing the lateral displacement due to shear at the top of each of
the three portions of the shear deformation panels. Flexural displacement profiles
are obtained instead by plotting the lateral displacement due to flexure at the top of
each of the 8 curvature cells.

It can be observed in Figure 32 that large shear deformations appear within
the elastic range of response (in comparison to those observed in the first unit HS1,
which behaved in a flexural fashion). The amount of flexural deformation is instead
very similar that of unit HS1. This clearly indicates that unit HS2 was significantly
weaker in shear than unit HS1. The results of the first unit are not presented herein,
but it is important to point out that the profiles of the displacement components are
good indicators of the type of response. Comparison among the results of the three
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test units showed that the shear critical unit (HS2) suffered large shear degradation
since early stages of testing, while others showed shear damage during the inelatic

stages as a consequence of consistent flexural damage.
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3.2.7.2 Curvatures

Curvature profiles are presented here in Figure 34 and Figure 35. In the first
case the effect of strain penetration is not accounted for. The curvature obtained
from the readings of the first curvature cell is supposed to be the averaged over the
cell height and is therefore plotted at mid-height of the first curvature cell (108mm
above the column base). In the second graph instead the effect of strain penetration
is taken into account by considering a revised height of the first curvature cell
according to the equation described in 1.2.2.3. In this case the curvature value
obtained from the reading of the first curvature cell is supposed to occurr at mid-
height of the revised cell height (18.7mm above the column base). It can be seen
that the influence of strain penetration on the value of the base curvature is
considerable. In fact, in this case the strain penetration, as computed from the
equation given in 1.2.2.3, is rather high (158mm) when compared to the height of
the base curvature cell (215mm).

Note that the experimental yield curvature (calculated using the procedure
described above in 1.2.2.3 from the curvature at first yield of longitudinal rebars) is
equal to 8.77rad/km. During the inelastic phase it can be noted that the region were
the curvature exceeds this value (plastic hinge region) is probably contained within
the first 600mm above the base. The behavior is also not symmetric in the push and
pull directions. Note that the estimated plastic hinge length was 531mm (obtained
using the equation presented in Error! Reference source not found.). It appears
that in this unit, inelastic flexural actions occurred only in the base region, while in
the rest of the column remained within the elastic range of response (as far as the
flexural behavior is concerned). This fact is quite evident from the curvature profiles
during the elastic phase. These latter do not show in average a linear profile (this
was the case instead for unit HS1). High values of curvatures occur only at column
base.

This localization of flexural inelastic response might be confirmed by looking
at the profiles of strains in the longitudinal reinforcement. However, caution should

be used in drawing these conclusions, since strains in the longitudinal reinforcement
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are also affected by shear along the column height. High strains in the upper part of

the column might be due to shear rather than flexure.
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3.2.7.3 Longitudinal reinforcement strains

In Figure 37 and Figure 38 the profiles of the strains along the longitudinal
bars located near the north and south generators are presented. It can be noted that
strains have a uniform profile during the elastic phase. Peak strains reach almost the
same value in the first diameter above the column base. It is also evident that the
strain penetration effect is here more significant than in unit HS1 due to the larger
size of the longitudinal bars. In fact, it can be seen that during the inelastic cycles,
longitudinal bars yield up to about 200mm below the column base.

As anticipated before, the localization of inelastic deformations at column
base in the longitudinal reinforcement cannot be properly recognized, due to the
effect of shear in the upper part of the column.

The behavior of longitudinal bars in compression is probably affected by the
fact that the amount of transverse reinforcement was doubled at column base to
prevent buckling. In fact, we observe that maximum strains in compression do not
occur at column base but at a height of approximately 180mm above the base. Note
that during the test it was observed that buckling involved several layers of bars and

it occurred between 100 and 300mm above the column base.
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3.2.7.4 Transverse reinforcement strains

Profiles of the strains recorded in the transverse reinforcement along the
west and east generators are plotted in Figure 39 and Figure 40 respectively. Elastic
and inelastic phases are plotted in the same graphs, while push and pull directions
are differentiated in separate graphs.

We observe that both in the push and pull directions high strains occur along
the east and west generators, with maximum recorded values reaching 0.6-0.8%.
Note that material testing indicated a rupture strain of 1-1.5% in average. As it was
expected, maximum strains occurred between 0.5 and 1.5 diameters above the
column base. The bottom region (up to 400mm above the base), as observed in the
previous test, is affected by the presence of the footing which restraints the
deformation in the transverse reinforcement. As predicted, the profiles indicate that
at later stages of testing, transverse steel is yielded uniformly in the shear critical
region.

As it was pointed out above, significant strains appeared at the 675kN cycle
in the bottom part of the column (within one diameter above the base), where the
damage was more consistent. Subsequently, deformation in the spiral extended up
to about 2400mm above the base (compare the 675kN profile with that at 900kN
and that at ductility 1.0).

From the graph of Figure 40 it can be noted that the shear failure started at
about 900mm above the base, where the spiral strain was close to 1%. Once the
shear failure mechanism started, transverse reinforcement ruptured in several layers

below 900mm from the base.
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3.2.7.5 Section longitudinal strain profiles

The distribution of the longitudinal strains over the section depth is analysed
in Figure 41, Figure 42, Figure 43, Figure 44, Figure 45 and Figure 46 for three
different sections, one below the column base and two above the column base. The
first section is at 102mm below the column base, where it was observed that the
longitudinal strains in tension reached and exceeded the yield point. The second
section is at 152mm above the base (where it was expected to have reasonably
accurate readings up to the later stages of testing). The third one, located at 609mm
above the column base, should be out of the predicted plastic hinge region. As it
was observed above instead, considerably high inelastic strains occur in this section
as well. This suggests that the “length of plasticity” is considerably higher than the
plastic hinge length in this case.

The longitudinal strain profile is obtained by plotting, for the same section,
the strain values recorded along the north and south bars (extreme tension and
compression sides) and the average value of the east and west gauges. The
horizontal axis indicates the location of the gauges expressed as a function of the
distance from the section centroidal axis.

The analysis of these three sections is carried out to provide a clear
description of the region where inelastic flexural actions occurred (“region of
plasticity”). Different plots are provided for the push and pull direction, dividing
into elastic and inelastic stages of testing. In the graphs two vertical dashed lines are
provided in order to indicate the location of the inside face of the column wall. An
additional continuous horizontal line is provided in the graphs to indicate the steel

yield strain. As it was pointed out above, this type of steel has a well-defined yield

point at 2300re.

In the first section (below the column base) it can be noted that the average
depth of the compression zone is slightly less than what observed in the same
section in unit HS1. This is probably due to the higher value of the strain

penetration caused by the increased size of the longitudinal bars. This section, in
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this test unit, is more affected by inelastic actions than the same section in unit HS1.
The neutral axis shifts rapidly towards the compression side during the inelastic
phase.

In the second section (152mm above the base) it can be observed that the
depth of the compression zone does not vary substantially during the inelastic
phases. On the contrary, in unit HS1 it was observed that the low longitudinal
reinforcement ratio induced a rapid shift of the neutral axis and consequently a
substantial reduction in the compression depth. It is also evident the lack of
symmetry of the behavior in the push and pull directions. The important fact
though is that the neutral axis never intersects the column wall (this was the case
instead in unit HS1).
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It is also quite suprising to note that very high compressive strains are
recorded in this section (up to -0.6%). These values should be treated with caution,
since at later stages of testing significant buckling occurred in this region. From the
behavior in the pull direction it can also be noted that the profile is not exactly linear
as it appeared to be for unit HS1. Higher tensile values occur at section mid-depth.

In the section at 609mm above the base it can be observed that the
compression zone is still about 180-200mm in average during the inelastic phase,
while in unit HS1 it was clear that the compression depth was less than the column
wall thickness. As we pointed out above, this is an essential factor that governs the

structural response of this type of members.

3.2.7.6 Section transverse strain profiles

Transverse strains recorded on the spiral reinforcement are plotted as a
function of the distance from the section centroid, with the same format used to
describe the distribution of longitudinal strains over the section depth. Three
instrumented points are available over the section depth (along east, west, north and
south generators). Gauges with symmetric locations in the east and west sides are
averaged. In fact it will be clear that three points are insufficient to properly describe
this behaviors. Unit HS3 was instrumented with 5 points over the section depth.
From the results of the first unit (HS1) it was observed that maximum strains tend
to occur towards the tensile part of the section instead that at column mid-depth,
especially near the column base. It is of interest to look at the values recorded at
section mid-depth and at the extreme tensile and compressive sides of the section.
Results are presented in Figure 47, Figure 48 and Figure 49 for three sections
located respectively at 350, 876 and 1397mm above the column base.

Looking at the bottom section (350mm above the base), note that if the same
behavior observed in the other test units occurs in this unit, we expect to have a
maximum value (somewhere close to the tension side) that is about 10-15% higher
than that recorded at section mid-depth.
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It can also be observed that while in unit HS1 similar values of maximum
strains were recorded in the three sections, here it can be appreciated that the
maximum value increases more rapidly with column height. Note that in the top
section (1397mm above the base) maximum values at section mid-depth at ductility

3.0 and 3.5 exceed 0.8% and are not plotted in the graph.
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3.2.8 Discussion

Unit HS2 revealed a deformation capacity similar to that of unit HS1 (a
maximum lateral drift of 2.33% was attained instead of 2.66% of HS1). The
experimental evidence showed that the prediction of a shear failure was quite
accurate. In fact, as suggested by the UCSD shear models, a “classical” shear failure
was observed at ductility 3.5. Note that this value is between the two predicted by
the older and the newer versions of the UCSD shear models. In this case a good
agreement was obtained by fully considering the effect of the axial load on shear
strength. If the axial load component is neglected instead, the UCSD models would
predict an earlier shear failure between ductility 2.5 and 2.8.

It has to be noted that before reaching the shear failure in the pull direction
at ductility 3.5, a substantial loss of strength was attained at ductility 3.0 in the push
direction, due to spalling of concrete in the inside face. While in unit HS1 this
phenomenon was observed at approximately 300mm above the base, in this case the
spalling occurred at 500mm above the base. Also, it was quite evident from the
photo presented in 1.2.4.2 that high compression stresses were caused by shear
along the line where spalling occurred. Inclined compression struts were very clearly
terminating with a steep inclination on the line where spalling occurred. It is
therefore believed that while in unit HS1 spalling was substantially caused by
flexural actions, in unit HS2 the same effect was due to the high compression
caused by shear. This phenomenon clearly represents a weakness of the system, but
as it appears from this test, it does not drammatically affect the deformation
capacity. A loss of strength occurs when a part of the compressed concrete is lost,
but this does not necessarily bring the member to failure. It has to be commented
that these preliminary observations were made based on the results of units tested
under a low level of axial load. From the results of unit HS3, it will appear that this
weakness becomes more evident when a high axial load is being applied.

In regard to the problem of longitudinal rebars buckling, it is confirmed that
doubling the amount of shear reinforcement in the base region is not sufficient to

completely restraint against this undesirable effect. Buckling was less significant than
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that observed in unit HS1 at failure, but still some layers of transverse reinforcement
fractured near the column base. It is suggested that an effective restraint to
longitudinal rebar buckling can only be obtained by using high srength transverse
reinforcement instead of usual grade 60 steel.

In Figure 50 and Figure 51 the development of lateral strains as a function of
the applied lateral displacement (or lateral load is analyzed). The option of
completely including the axial load effect on shear strength brings to a good
estimate of the behavior near the column base (compare the predicted behavior with
the readings from the gauge at 305mm above the base). If the axial load component
is totally neglected instead, a closer prediction in the upper parts of the column is
obtained.

In this unit for a given lateral displacement level, lateral strains increase
rapidly as a function of the distance from the base, while in unit HS1 the profile was
more uniform.

In Figure 51 it can be noted that the predicted behaviors agree quite well with
the experimental evidence also in the inelastic range of response of the transverse
steel (strains greater than 3800me). This fact supports the idea that the USCD shear

strength model can successfully be employed in estimating not only strength but

also shear deformation capacity with reasonable accuracy.
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3.3 COMPARISON OF THE EXPERIMENTAL RESULTS

In order to conduct a useful comparison of the most important results of the
three test units, some information will be given here on the response of units HS1
and HS3.

In Figure 52 and Figure 53 the force displacement response of units HS1 and
HS3 is presented. Note that, among the three units, HS1 has the largest ultimate
displacement capacity (about 100mm). This unit had the lowest flexural capacity and
suffered flexural damage concentrated at column base. Failure occurred due to
concrete spalling near the inside (unconfined) face. Significant buckling of
longitudinal rebars in compression was observed.

Unit HS3 had the lowest displacement capacity. This fact is due to the high
axial load, which determines the brittle type of response. Note that HS3 had the
same reinforcement as HS2, but the axial load was three imes higher.
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Figure 52 — Force — displacement response of units HS1
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Figure 53 — Force — displacement response of unit HS3

The unit failed in shear/flexure due to concrete crushing in the diagonal
direction, resulting again in concrete spalling near the inside face. As expected, the
increase in axial load determined a substantial reduction in ultimate displacement
capacity as a result of the reduced capacity of concrete to resist compressive
stresses.

As it was observed in unit HS2, particular attention has to be dedicated to the
analysis of the section strain profiles. In HS2 it was observed that longitudinal
deformations followed a linear profile at all levels of damage everywhere within the
region of plasticity. Three sections were analyzed and it was found that for these
sections the plane section hypotesis was well satisfied. If the behavior of the same
sections in units HS1 and HS3 is analyzed, the same result is found. Note that the
behavior of these latter units was significantly different from that of unit HS2,
however longitudinal strains always follow a quasi-linear profile. In Figure 54 and
Figure 55 the longitudinal strains recorded in units HS1 and HS3 at 152mm above

the base are compared.

120




136

Strain (microstrains)

Strain (microstrains)

8000

7000

6000

5000

4000

3000

2000

1000

-2000

20000
17500
15000
12500
10000
7500
5000
2500
0
-2500
-5000
-7500

-1000 | IZ/

Section at 152mm from base

Elastic cycles Push direction

I

T ' ' T
-800 -400 0 400 800
Distance from section centroid (mm)

Section at 152mm from base

Push Direcition

Y

T ' ' T
-800 -400 0 400 800
Distance from section centroid (mm)

————— Inside face

Yield strain

Load

—®&— 175kN
——#%——— 350kN
——<4——— 525kN
—&——— 700 kN

————— Inside face

Yield strain

Ductility

—— 15
—+— 20
—24—— 3.0
—=—— 40
—%— 6.0

Figure 54 — Unit HS1 - longitudinal strains at 152mm above the base




137

Section at 152mm from base

8000 — ——
1 Elastic cycles Push Diregtion
7000 — | |
] | [ i Inside face
— i Yield strain
%} | |
£ 5000
© i | |
o | |
£ 4000 —
o 4 | |
© 3000 — [ | Load
£ - | |
— 2000 — | —&— 300kN
‘© 1 | ——#%—— G600 kN
|-
(47) 1000 — | | —<4—— 900kN
0 - ' | = 1200 kN
-1000 - E ﬁl :
-2000 ; : : : : : |
-800 -400 0 400 800
Distance from section centroid (mm)
Section at 152mm from base
20000 Inel%lstic cycles Push Dlrec:tlon
17500 | |
i I T Inside face
@ 15000 . | | Yield strain
‘" 12500 — | |
- ] |
"J-', 10000 — | |
(@) B -
5 7500 - | | Ductility
E 50004 ! ! Y L0
c - | | —— 15
‘© 2500 }
i | ——+— 20
)] 0 |
-2500 — |
-5000 : :
_7500 ] II | T T | II
-800 -400 0 400 800

Distance form section centroid (mm)

Figure 55 — Unit HS3 - longitudinal strains at 152mm above the base




138

It is confirmed that the plane section hypotesis is a good assumption for
numerical modelling since it is independent on the damage mode, on the damage
level and on the section shape.

It is also of interest to examine the section transverse strain profiles of units
HS1 and HS3 in order to verify the comment made above on the tendency of hoop
strains to be higher towards the section tension side. In figs. 75-80 the profiles of
the transverse strains of unit HS1 and HS3 are presented. The graphs refer
approximately to the same locations along the column height considered for unit
HS2. On these units more instrumented points were available and a more accurate
profiles can therefore be plotted. It is confirmed that, in the bottom region, the
tendency of the hoop strain to increase towards the section tension side is more
evident, while in the upper part (where the flexural damage is less) the maximum
strains always occur at section mid-depth.

This observation is quite relevant in numerical modelling. It suggests that the
distribution of shear strains over the section depth might not be uniform or, for
example, parabolic. In fact shear strains should be related to the strains in the
transverse steel and it would be reasonable to find out that shear strains have a
distribution over the section depth that is similar to that of the transverse strains.
However, it has to be noted that these readings come from strain gauges mounted
on the spiral reinforcement. The reading might therefore be affected by local
increase at a crack and might not be completely reliable. In the section tension side
the flexural cracks are wider and might cause a local increase in hoop strain at a
crack.
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Figure 61 - Unit HS3 Section transverse strain profile at 12260mm above the base
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In order to check the tendency of shear strains to be concentrated in the
section tension side (when the flexural damage is high), in unit HS3 specific devices
were mounted to measure the distribution of the section section strains
(longitudinal, transverse and shear) over the section depth.

Figure 62 — Unit HS3 — Measurements of shear strain distribution

In Figure 62 it is shown that five small shear panels were mounted in two
sections of the column, in order to measure the distribution of the shear strains over
the section depth. In this case the concept of average strains was used. The panel size
was chosen so as to have several cracks occur within the panel size. This aspect is

important to compare the results from the strain gauges (measure of local values)
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with those from the shear panels (average measure). In fact, from the shear panels
the average transverse strains can also be obtained.

In Figure 63 and Figure 64 the profiles of the average shear strains over the
section depth are presented. In the bottom section (at 987mm above the base), the
results confirm what was found from the reading of the strains in the spiral
reinforcement. Shear strains, as well as lateral strains, have a non-uniform
distribution over the section depth. As damage increases, the maximum value tends
to shift towards the section tension side (but not exactly on the extreme tension
side). It is also found that in the upper part of the column instead, where flexural
damage is significantly less, the distribution of shear strains does not resemble that
of lateral strains. While lateral strains tend to reach the maximum value at section
mid-depth (independently of the level of damage), shear strains reach the maximum
value at the section tension side.

This aspect is very important for the choiches of simplifying assumptions to
be used in a numerical model. In fact, while longitudinal strains always have the
same type of distribution over the section depth, transverse and shear strains tend to
have different distributions for different damage levels and for different ratios of

moment to shear.




147

8
| Section at 987mm from base
7 - Pull Direction
— -
S
\ 6 —
e —&— 600 kN
E o 3 —%—— 900 kN
c 5438 ‘®
k) ® c —<4— 1200 kN
- 1 8§ g
g 4 - 2 S —@&— Duct. 1.0
o o =
o) 4 = —&— Duct. 1.5
qa-a 3 5 Duct. 2.0
— —_—— 2.
S (&) uc
E i
v 2 —
o
(n -
1 —
0 T I T T T !|\|.—|
-800 -400 0 400 800
Distance from section centroid (mm)
8
4 Section at 987mm from base
—.—
. Push Direction 600 kN

—%— 900 kN
—<—

6 1200 kN

—@&— Duct. 1.0

—&——— Duct. 15

—+— Duct. 2.0

Tension side

Shear deformation (mm/m)
N
|
Compression side

3
.
-
0 ' | ' T ' | '
-800 -400 0 400 800

Distance from section centroid (mm)

Figure 63 — Unit HS3 — section shear strain profile at 987mm above the base




148

Section at 2012mm from base
Pull Direction

—®—— 600 kN
—%—— 900 kN
1200 kN
—@®—— Duct. 10
—&— Duct. 15
—+— Duct. 2.0

al
|

Compression side

Tension side

Shear deformation (mm/m)
N
|

-800 -400 0 400 800
Distance from section centroid (mm)

i Section at 2012mm from base
Push Direction —®— 600 kN

4 —#%—— 900 kN

—<4— 1200 kN
—@&—— Duct. 1.0
—9— Duct. 15
—+— Duct. 2.0

1
Tension side

Compression side

Shear deformation (mm/m)
D
|

O __%!;I_;F :
-800 -400 0 400 800
Distance from section centroid (mm)

Figure 64 — Unit HS3 - section shear strain profile at 2012mm above the base




149




150

4 NUMERICAL SIMULATION OF THE CYCLIC BEHAVIOR




151

4.1 INTRODUCTION

Following the proposed method of approach to the field of study, the
numerical model will now be introduced on the basis of the main experimental
findings. The proposed numerical model mainly consists of a modification of an
existing one [...].

Now that adequacy and limitations of existing state-of-the-art simplified
models of assessment have been discussed in chapter 2 and that predictions have
been compared with experimental data in chapter 3, a further step towards the
numerical simulation can finally be taken. Simplified models have been used earlier
in the dissertation in the attempt to identify the type of failure, the maximum
strength and displacement capacity. These are the quantities whose knowledge is
generally the minimum requirement to assess the seismic performance of a
structure. Predictions of the behavior were made based on the concept of “envelope
response” or “monotonic load deformation response”. These concepts apply to the
coarse quantification of the capacity of the structural members to resist to a generic
seismic input. No specific considerations were made instead on the type of seismic
input (e.g. near field or free field) or on the type of the site (e.g. soft compressive
soil or hard rock). These considerations may well be relevant in assessing the general
performance. For example the role of the vertical ground motion component on the
shear-flexural coupling. All assessment procedures considered in previous
discussions assumed that the envelope behavior could be calculated while assuming
a constant level of axial force. Also, no specific considerations were made on the
cyclic behavior of the materials. It is well known instead that the materials do not
behave in the same way if subjected to repeated cyclic excitation or to monotonic
loading.

The objective of this chapter is to make a further step towards the accurate
comprehension of the behavior of RC beams and columns under the effect of cyclic
excitations. More sophisticated models will be introduced and a new numerical

beam model will be proposed.
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Emphasis will be placed on the effects generated by the presence of high
shear on the global cyclic response. The complexity of the problem will be
addressed by comparing the response of the laboratory test specimens with the
simulation of the behavior obtained by subjecting the numerical model to the same
loading pattern adopted during the tests.

The topics of this chapter do not mean to be in contrast with the apparent
inaccuracy of the so-called “simplified methods of analysis™, but, rather, to indicate
the type of analytical tools that are needed if a more accurate analysis is required. If
the complexity of the analysed case requires the analysis under cyclic loading with
specific procedures to evaluate more accurately the behavior in shear, these more
sophisticated models can be used. In general though, it has to be pointed out that
these models are not meant to replace the simpler approaches. It is hoped that the
development of more complex models will suggest clever simplifications to derive
more reliable simplified models.

In fact, the Modified Compression Field Theory, developed on the basis of a
large experimental program, resulted in a complex analytical model capable of
accurately reproducing the experimental behavior. Recently, the MCFT was used to
develop a simple but accurate design method that has now been incorporated in the
AASHTO code. The database that is used here to suggest the definition of a
numerical model is not as large as that used for the MCFT. However, as commented
above, the testing of large size elements characterized by a complex cross-section
guarantees that limitations should be definitely restricted to a few particularly
complex cases. As a consequence, the information provided by the large scale
testing (presented in chapter 3) will be considered with particular interest as a

starting point towards the comprehension of several phenomena.

As anticipated above, the proposed model is essentially a development of an
existing one. The modification is considered to be important, however, since a new
mechanical representation of the combined flexural and shear behavior is proposed.

As anticipated in chapter 1, the non-local analysis of the shear-flexural coupling
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allows for a comprehensive and simple approach to monitor the evolution of the
damage along the member length. In the present chapter it will be explained that
one of the fundamental assumption on the mechanics of the existing fiber beam
element with shear will be removed in order to allow for a more realistic description
of the shear behavior. For this reason, the classical approach will be described first,
then the new assumption will be introduced and the consequences will be explained.
The reference to the finding of the experimental program will be used throughout

this chapter to justify the soundness of the selected assumptions.

The numerical beam model of RC beams and columns has essentially four
main components : the element structure, the solution algorithms, the section mechanics and
the material constitutive relationships. The original contribution of the present work is on
the section mechanics. Experimental results indicated that among the four
components, this one deserved more modifications, while the element structure and
the solution algorithms appeared to be adequate for the objectives of the finite
element. The material constitutive relationships are probably the second topic
requiring improvement, particularly in regard to the assumed material model for the
concrete. This aspect though can be treated separately once a more refined section
mechanics is available. It is believed that a more accurate material model is
unnecessary if the section mechanics is not capable of capturing a realistic coupling
of all stress and strain components.

Thus, following the order of importance that has been defined by the
considerations made above, the existing element structure will be described first
along with the assumptions used for the section solution procedure. The adopted
concrete and steel constitutive models will then be briefly presented to reach a
better understanding of the element core. The limitations imposed by the
assumptions of the existing models will be discussed before the features of the new
proposed model are described. The “Dual section” analysis procedure will be
introduced and the consequences at the element level will be highlighted. Some

specific issues arising as a consequence of the suggested approach will then be
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discussed. A few examples will then show the results of the improved performance
of the finite element. The chapter ends with some considerations on the
inefficiencies that still remain within the proposed element. The most advantageous
strategies to solve these problems are briefly discussed, as possible subjects of future

research.

4.2 THE FINITE ELEMENT STRUCTURE

The beam finite element models represent a class of finite elements that is
generally referred to as “discrete finite elements”. This class of finite elements is
characterized by the use of a priori assumptions about the force and/or
displacement field of the member, which result in a considerable simplification of
the element formulations. Assumptions commonly used by the engineering beam
theory (such as that of plane sections) allow to formulate models where the element
variables are defined, for instance, in terms of bending moment and curvatures or
axial force and axial deformation rather than generic stress and strain components.

The family of discrete finite element models is particularly suitable for the
development of the so-called “distributed inelasticity” finite elements. The non-
linear behavior of the materials is monitored along the element axis in a number of
control sections that constitute the integration points of the finite element. In the
simpler cases a differential constitutive relation is assigned to the control sections to
describe the local hysteretic behavior. The element global behavior is obtained via
integration of the local behavior of the control sections along the element.

In the past, finite elements of this type were developed by specifying, for
example, the moment-curvature behavior of the control sections. More
sophisticated models were also developed where the influence of the axial load on
the moment-curvature behavior was taken into account. This type of formulation
showed to be theoretically consistent and applicable to any non-linear section
constitutive law. In [233] it was shown that with this approach it is also possible to
account for the shear behavior, by assigning to the control sections a pre-defined
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shear-force shear-deformation hysteretic relationship, in addition to the assumed
flexural behavior.

In this class of finite elements two main types of formulations are possible :
the direct stiffness formulation and the flexibility formulation.

The first method assumes that the element displacement field is known and
that it can be represented for example by Hermitian polynomials, which implies a
linear curvature profile along the element length. This assumption brings to the
exact solution in case of a prismatic member with linear elastic material properties.
In case of non-linear material behavior, the curvature profile deviates significantly
from the linear behavior, in proportion to the degree of non-linearity of the
material. This fact requires in general the use of a large number of elements to
model the behavior of a single structural member, in order to avoid numerical
instability and convergency problems. Spacone et. al indicate that the instability
problems persit even if the element mesh is refined in the attempt to reach a better
approximation of the curvature distribution.

The second method instead assumes that for given nodal forces the element
stress field is known. In particular, if only nodal forces are present, the bending
moment distribution is linear, while the axial force and shear force distributions are
constant along the member length. Because these beam force distributions are exact
in the absence of element loads (irrespective of the material behavior), the accuracy
of this method is independent on the mesh refinement.

From this preliminary examination it appears that the flexibility formulation
Is more advantageous than the stiffness method for non-linear beam models.
However, the two types of element formulations outlined above do not present the
same degree of complexity in terms of numerical implementation. While the
stiffness approach is well suited for the implementation into finite element codes,
the second method needs to be adapted to the presence of kinematic rather than
static boundary conditions. In fact, it is well known that most FE codes make use of

the displacement method of structural analysis (that is, for each individual element
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of the analyzed structure the nodal forces are found as a function of the known
nodal deformations).

Research by Spacone et al. clarified that the advantage of the flexibility
formulation depends on the robustness of the specific procedure adopted for the
determination of the element state as a function of the given nodal deformations.
The process by which nodal forces are found as a function of the known nodal
deformations typically involves the determination of the element flexibility matrix,
since there are no deformation interpolation functions relating the nodal
deformations to the deformations along the element length. The element flexibility
matrix might be obtained by inversion of the element stiffness matrix, but this
operation might result computationally challenging when negative stiffnesses appear

due to softening behavior.

The problems arising from the implementation of a flexibility-based element
into a general FE code can be solved with appropriate element solution procedures.
In paragraph 1.2.2, the Equilibrium-based solution procedure [proposed by Petrangeli
and Ciampi] for the element state determination is presented. The type of element
formulation and state determination solution procedures are particularly relevant in
the implementation of the new features introduced to enhance the accuracy in the
description of the shear performance. In fact, it will be shown that the proposed
non-local evaluation of the shear behavior is straightforwardly introduced in the
existing element structure thanks to the computational stability afforded by the well

founded formulation of the existing element structure.

4.2.1 The element formulation

The element formulation requires defining at first the element degrees of
freedom in a global reference system (X,Y,Z coordinates). The present finite
element is a 2D beam element, meaning that inflection can only be defined in a

plane. The element axis is defined by a straight line connecting the geometric
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centroids of the cross sections from node i to node j . The element axis defines a
local reference system denoted as element reference system x , y (see Figure 1).

AY

v

Figure 1 — Element degrees of freedom

In the local reference system, the element degrees of freedom (including the
rigid body modes) are expressed by the following vector:
Q =l vi a u v, q (1
The corresponding element forces are expressed by the following vector :
P* = |_pxi pyi pqi pxj pyj qu J ( 2
If the vector Q™ is depurated from the rigid body modes, the element

deformation vector Q can be defined. This procedure consists in assigning, for

example, u;, v, and v, arbitrarily and in finding the remaining terms so as to define
a rigid body mode.
Thus, the element deformation vector can be written as :
Q= |_e jiod jJ (3
The components of this vector express the axial elongation of the element

(e) and the nodal rotations (j ;,j ;). The vector Q has the property of being equal

to zero in case of a rigid body mode. Similarly, the element components of the
vector P can be considered as the set of independent parameters that can be

assigned arbirarily in order to generate a system of forces in equilibrium:

P=N M, M,] (4
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The components of this vector express the element axial force (N) and the

bending moments at node i and j (M;,M, ). Element forces and deformations are

represented in Figure 2

M, Element Forces M, N
Node i \ / Node j
G \\ &
. _ _ o
i Element Deformations i

Figure 2 — Element forces and deformations

Note that thus far no assumptions have been introduced on the possible
element deformation modes (i.e. purely flexural or combined shear and flexure). In
fact, the element nodal force vector P and the elment nodal deformation vector Q
have the same form irrespective of the assumed deformation modes. These vectors
depend only on the choice of the degrees of freedom imposed by the 2D
assumption, not on the assumed behavior along the element length.

The transformations required to obtain the vector Q from the vector Q* and
to obtain the vector P from the vector P* are performed with the use of a matrix
denoted as kinematic compatibility matrix D:

Q=DQ" (5
-P=D"P’ (6
The matrix D has the following form :
2l 0 01 0 06¢
D:go 1/¢ 1 0 -1/t 0 =+ (7
&0 -1/ 0 0 1)1 -1

where 7is the element length.

The element force and deformation vectors were defined in the local element
reference system. These vectors need to be transformed into the global reference
system (i.e. X,Y and Z coordinates) in order to assemble the global force and
deformation matrices of the structure. This transformation is operated by rotating

the local reference system into the global reference system and by allocating the
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individual element matrices in the global structural matrices. These transformations

are stamdard features of matrix methods of structural analysis and will not be

discussed here.

In order to define the deformation modes at the integration points along the
element axis, assume the element forces defined by the vector P are applied at the
element nodes. Along the element length the resulting generalized stresses will be
expressed by a vector p that is a function of the element abscissa x. Similarly, the
resulting deformations along the element length will be expressed by a a vector q.

When the axial, flexural and shear deformation modes are considered, these vectors

have the following form :

&v i
p(x)=gM ¢ (8
eN g
ég u
é u
q(x)=acy (9
& U
pU

where V is the shear force, M is the bending moment, N is the axial force, g
Is the section shear deformation, c is the section curvature and &, is the section

centroidal axial deformation.
As it was commented above, given the nodal forces P, the element
generalized stresses p(x) are known and exact, irrespective of the material behavior.

The following relationships hold between the vectors P and p(x) :

i |\/|i+|\/|j

iV(X)=———

I N

_i_M(X):'gi'%gMi"'%Mj (10
'|'N(X)=N

f

The eqgns. ( 10 are generally referred to as “force interpolation functions” or

“equilibrium integrals”. Eqns. ( 10 can be written in a compact form as :
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p(x) =b(x)P (11
M(x)
Node i Node j
V(x)
Node i Node j
& ©
N(x)
Node i Node j
& S

Figure 3 — Element force interpolation functions

The nodal forces can be obtained as a function of the generalized stresses

using the following integral :

4

P=¢p"(x)p(x)dx (12
0
where :

é 1 1 .U
e, 4 Yu
e u

b(x)=& -+ X 04 (13
e f f o
€ o o 1Y
e ¢

The element generalized stresses p(x) and strains q(x) are linked by a set of
equations defining the local constitutive relationships. These relationships will

depend on the particular type of model and will generally be expressed by non linear
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equations. At this stage it is convenient to introduce the local constitutive
relationships in a linearized form as a function of generalized stress and strain
iIncrements :
Dq(x) =f(x)Dp(x) (14
where f(x) is the local tangent flexibility matrix.

Eqgns. ( 11 defined the Equilibrium equations, while eqns. ( 14 defined the
Constitutive equations of the structural problem. One more set of equations is needed
to reach the solution of the element problem : the Compatibility equations. These
equations can be obtained by applying the principal of virtual forces, starting from a

compatible state of deformations :
dP " DQ = ¢yip" (x)Dg(x )dx (15
0

Substituting egns. ( 11 and ( 14 into ( 15, and recalling that eqn. ( 15 must be
satisfied for any arbitrary dP T, the following relation is found between the element
nodal force and deformation increments :

DQ =FDP (16

where F is the element flexibility matrix defined by :
F =" (x)f (x)b(x)dx (17
0

As it was anticipated, the flexibility formulation presents the advantage that
the equilibrium equations given by ( 10 are exact in the absence of element loads
and are independent on the particular form of the constitutive relationship. Also,
different equilibrium integrals can be calculated to include the influence of element
loads by using simple equilibrium considerations. Two major obstacles appear
though in the implementation of this formulation into a FE code. The first obstacle
Is to adapt the formulation to kinematic rather than static boundary conditions (i.e.
element nodal forces DP are not known at the beginning of the solution process).

The second obstacle is that the local constitutive relationships are generally

expressed in the stiffness format rather than in the flexibility format of egn. ( 14:
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Dp(x) =k(x)Dg(x) (18
where k(x) is the local stiffness matrix.

These obstacles in the implementation can be overpcome by using the
equilibrium-based iterative solutions proposed by Petrangeli and Ciampi [...]. In the
following paragraph, an overview of this particular state determintion procedure will
be given. The local constitutive relationships will instead be discussed in paragraph
1.2.3, where the fiber approach to combined flexural and shear behavior of the

element sections is presented.

4.2.2 The state determination procedure

From the discussion of the previous paragraph it was recognized that in the
flexibility approach the main unknowns are the functions q(x), defining the element
strain field along the axis. These functions will therefore be the objective of the state
determination procedure. Once the appropriate strain field q(x) is found among the
family of strain fields compatible with the nodal deformations Q, the generalized
stress field p(x) is found directly via the constitutive relationships (egns. ( 18). From
the stress field p(x), the nodal forces can be determined via the equilibrium integrals
(eqns. (12).

The reason why the constitutive relationship is most commonly expressed in
the stiffness format will appear clear in paragraph 1.2.3. At this stage it is useful to
underline that the state determination procedure does necessarily require the use of
stiffness-based contitutive relationships. However, flexibility-based constitutive
relationships may be affected by problems of lack of numerical convergence in case
of softening behavior.

The unknown vector g(x) is found with an iterative procedure based on the
trial and error concept. A trial element strain field is modified during the iterations
with homogeneous corrective functions until equilibrium along the element is
satisfied. The trial element strain field can be an arbitrary set of functions

compatible with the nodal deformations Q :
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a(x) =a(x)Q (16

where a( x ) is a set of functions satisfying the following property :
4
P’ (x)a(x)b(x)dx =1 (20

The most advantageous form of the a(x) is found by using the local
tangent flexibility matrix f(x) :
a(x)=f(x)b(x)F " (21
where F is the element flexibility matrix defined by eqn. ( 17.
Once the trial strain field q(x) has been defined, the corresponding stress
field can be found via the constitutive relationships as :
p(x) = pla(x)] (22
The nodal forces corresponding to the assumed trial strain field can be found

with the following weighted integral :
P =F P (X)F(x)p(x)dx (23
0

In ( 23 the stress field found for the assumed trial q(x) vector is integrated
along the element by assuming as weights the local flexibility matrices f(x). The
assumed trial strain field leads, in general, to an unbalanced stress field. The
unbalanced generalized stresses can be calculated along the element length because
the exact form of the element stress field is known :

r,(x) =b(x)P - p(x) (24

The vector r (x)is generally referred to as the vector of section force

residuals and it represents the difference between the exact stress field
corresponding to the nodal forces P and the stress field found via the constitutive

relationship as a function of the assumed trial strain field q(x).
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Node i Node j

Integration points )

Figure 4 — Element force residuals

The trial strain field q(x) has to be modified in order to generate a stress field

in equilibrium. A correction to the assumed strain field can be found as :
q (x) =f(x)r,(x) (25
The new (modified) strain field is found as :

q™(x)=q(x)+q"(x) (26

Node i Node j

Figure 5 — Element strain field

With the new strain field, a new stress field is found with egn. ( 22 and the
corresponding nodal forces are found with egn. ( 23. The new element unbalance is
calculated from eqn. ( 24 and the whole procedure repeated until a norm of the
energy associated with this unbalance is less than a specified tolerance :

Eup, =T, (X)F(x)r (x) <tol.? (27
Referring to a generic iteration j of the state determination procedure, the

solution algorithm can be summarized as follows :
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4

DP, =F/* T (x)f,.,(x)Dp[Da, . (x)fix (28
0
qu(X) = qu-1(X) +fj-1(x){b(X)DPj - Dpl_qu.1(X)J} (29
The approach outlined above satisfies simoultaneously compatibility and
equilibrium at each element iteration. Details on the specific aspects of the solution
algorithms can be found in [Petrangeli and Ciampi].

4.2.3  Sectional solution procedure

Now that the element formulation and the state determination procedures
have been discussed, the local constitutive relationships (constitutive relationships at
the integrations points along the element) are to be defined. In the present
paragraph the particular form of eqgn. ( 18 will be discussed. In order to define the
equations that link the generalized strains q(x) to the section generalized stresses
p(x), the basic assumptions on the behavior at the integration points (monitoring
sections) will first be introduced.

The model by [Petrangeli] defines the local constitutive relationships based
on the fibre discretisation concept. The element sections are discretised in a number
of individual and independent concrete and steel layers. Each concrete fibre is

characterized by the area in the x direction A}, the area in the transverse direction

A, and the distance of the fibre centroid from the section centroid y'. The
longitudinal steel fibres are characterized by the area A, ; and by the distance of the
rebar centroid from the section centroid y!. The transverse reinforcement is

represented at each concrete fibre by the area of steel per unit length A| . .
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Figure 6 — Fibre discretisation

At each individual concrete layer the assumption is made that longitudinal
stresses can be considered constant within the layer thickness. The behavior of each
fiber is calculated separately based on assumed stress-strain material behavior. The
section forces are obtained via integration of the fiber stresses over the section
depth. Kinematic constraints are imposed on the distribution of the longitudinal and
of the shear strains (i.e. plane section hypotesis and fixed shear deformation
distribution). The distribution of the lateral strains instead is calculated with
equilibrium considerations.

The formulation derives from the earlier approaches [el. Flessionali] used for
the development of flexural elements. In those simpler cases, the behavior of the
concrete and longitudinal steel fibres was described by using uniaxial material stress-
strain relationships, since the shear deformation mode was neglected. The fibre
element with shear instead incorporates, in addition to the longitudinal strain field,
the shear and lateral strain fields. The longitudinal steel fibres are still characterized
by uniaxial constitutive relationships, while the concrete fibres are characterized by

three strain components:
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where e, is the longitudinal strain, e, is the lateral strain and e, is the shear

strain. The corresponding stress components will be :
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The behavior of concrete and longitudinal steel fibres is described by material
stress-strain relationships in the explicit form (stresses are found as a function of
strains). Thus, for the longitidinal steel the material stress-strain relationship will be
of the following type :
s, =s.(e,) (32
while for the concrete fibres the stress-strain relationships will be of the

following type :

isxl\,‘ éD, D, Dy l‘J?ex@
& "0_é g U
Syu- e x D,, Dz3l]éey(| (33
gxyu g:)Bl D32 D339$xyH

The particular form of the steel and concrete material models will be
discussed in paragraph 1.2.4. At this stage it is sufficient to point out that, in
principle, any material model expressed in the form of eqn. ( 33 is suitable for the
formulation of the beam model and that it can be considered as an independent
problem. It will be shown that few are the material models available to date for
efficient use in the context of this kind of beam models. However, it is important to
point out that future developments might result, for instance, in the use of a
different concrete model, but the element structure and solution procedure does not
require any modification, provided the material model can be expressed in the

explicit form.

The objective of the section solution procedure (or local constitutive model)
is the following : for a given element strain field g(x) the strain field at each
individual fibre over the section depth (at each integration point) has to be
determined; from the fibre strains the corresponding stresses are found via the

material stress-strain relationships; integrating the fibre stresses over the section
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depth the section forces p(x) (element generalized stress field) are obtained. In the
following, the process by which this task is carried out will be explained.

The first problem at hand is to determine the fibre strains from the element
strain field q(x). In order to solve this problem, assumptions are required on the
behavior of the element monitoring sections. As it was anticipated above, kinematic
constraints are imposed on the longitudinal and the shear strain fields.

The plane section hypotesis, which is commonly adopted by the engineering
beam theory, allows expressing the fibre longitudinal strains as a function of the

section curvature ¢ and of the centroidal axial defomation e, as follows:

e,=e,-cy!' (34
where the index i identifies the generic (concrete or steel) fibre and y' is the

distance of the centroid of the i -th fibre from the section centroidal axis.
For the shear strain field different shape functions can be used, depending

essentially on the shape of the section. In particular, constant or parabolic functions

can be used :
e,y =9 (35
2\
i 3 e &yl Oljl
&y =98 -6 10 36
T 27g g"'/?zg (

where H is the section depth.
In the most general form, the shear strain field will be expressed by the
product of the section shear deformation by a shape function :

e, =aly’) (37
where the shape function g(y‘) can be any continuous or discontinuous
positive function with the maximum value equal to 1.

The lateral strain field can de determined by imposing the equilibrium in the
lateral direction between concrete and transverse steel. The lateral strains at each
fibre are in fact the only unknowns, since longitudinal and shear strains were
determined directly, based on assumed strain profiles. When calculating the

equilibrium in the transverse direction, the role of the transverse steel has to be
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taken into account. The transverse steel provides in fact a significant restraint
primarily against lateral deformation. The effect of the transverse steel is accounted

for in a smeared sense by assigning at each individual concrete fibre the amount of
transverse steel expressed as the area of stirrups or hoops per unit length AJ ; (see
Figure 6).

Element section Longitudinal Shear strain Lateral strain
discretisation strain field field field

p
I3

Xy y

Figure 7 — Section strain fields
The lateral equilibrium at each fibre can therefore be written as follows :
SyA; *s, Ay =0 (38

where s |  is the stress in the transverse reinforcement at the i-th fibre.

For the transverse steel a uniaxial behavior is assumed, even though it is well
known that, depending on the shape of the stirrups or hoops, it provides two
components of stress. The first one is in the axial direction and essentially controls
the shear cracking, while the second one is a function of the curvature of the hoop
or stirrup and provides confinement against concrete dilatancy. For the purpose of
calculating the lateral equilibrium, only the axial stress component will be
considered. In this case the same type of uniaxial constitutive stress-strain
relationships used for the longitudinal steel can be used. In general the stress strain

relationship of transverse steel will be non-linear and can be written it as follows :

sy. =E.ey, (39
where Es is the tangent modulus of elasticity of the transverse steel.
The problems related to the role of the transverse steel deserves more
discussion and will be further analyzed later in the dissertation. For the moment it is

important to realize that the section shape, and thus the shape of the transverse steel
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reinforcement might determine different components of stresses (axial and
confining actions).

If eqn. ( 38 is explicitated by substituting the expressions of s | (from eqn. (

33) and of s | (from eqn. ( 39) the lateral equilibrium equation becomes as follows

(D21e>i< +D226iy +Dzae>i<y )AyI +E_ e, Ayi,s =0 (40

SY.s

In order to find the lateral strain at each fibre e‘y, one more assumption is

required since in eqn ( 40 there are two unknowns (e, and e, . ). The perfect bond

between concrete and transverse steel fibres in the lateral direstion is assumed. This
assumption can be expressed as follows :

i=ei

e, y.s (41

where e; , is the strain in the transverse steel at the i-th fibre.

Substituting egn. (41 in eqn. ( 40, the lateral strain is found as :

e‘ - - (D21e>l<.+Dz3e>l<y )A;/ (42
y Dzsz' +ESA;’S

Once all strain components e ,e; ande, are found at each individual fibre,

the corresponding fibre stresses can be directly found from eqgns. ( 32 and ( 33. The
section forces p(x) can then be found via integration of the fibre stresses over the

section depth :

3 ncf
|

o] i i
ll.V = a S Xy Ax
i i=1
I, — I’g:f i i i rgf i i i
|M _anAxy +asx,sAx,sys (43
i i=1 i=1
i ncf nsf

N =a s, A +as AL

| i=1 i=1
where ncf is the total number of concrete fibres, while nsf is the total
number of longitudinal steel fibres.
In (43, the local costitutive relationships of eqn. ( 18 have been expressed for

simplicity in terms of finite stresses rather than in terms of stress increments.
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Obviously, the equations adopted for the implementation are valid only in the
incremental form, derived from the linearization of the stress-strain material

constitutive relationships.

4.2.4 The material models
42.4.1 Concrete

The concrete constitutive model represents one of the most important
features of the beam element. The behavior of elements subjected to high shear is
governed very substantially by the ability of concrete to carry shear stresses and by

the interaction that develops between concrete and transverse steel.

Several material models have been proposed to date in the literature to
represent the behavior of concrete under plane stress states. Few of these models
can be considered adequately accurate in the cyclic regime. The complexity of the
problem is often related to the fact that under cyclic loading the principal stresses
rotate instantaneously by 90 degress when a load reversal occurs.

Among these few models the one proposed by Petrangeli et al. is used. The
model is of the microplane familiy; the behavior of the material is estimated by
integration of the behaviors along a number of planes having different orientations
with respect to the principal directions. The peculiarity of this particular model is
that it superposes a uniaxial rotating concept to the microplane structure. This
concepts is based on a partitioning of the strain in two components (weak and
strong) along the principal strain directions. The idea comes from the lateral stress
distribution under uniaxial compression that takes place in heterogeneous materials
made of components with different Young modulus and Poisson ratio, as for
example in the masonry. In this case the stiffer component tends to laterally confine
the others, as the brick does with the mortar.

The strain strong components are given by :
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e’ =Fe (44
e =e-e° (45
Where the overlined tensors refer to the principal strain system and the

matrix F is given by the following expression :

é0 -1 0q

_ é a
F —Foy(edam)é-l 0 04 (46

g0 0 0§

where 0 £F, £nis a constant, with nbeing the Poisson’s ratio, and
y (edam) is a function that accounts for the material degradation as a function of a
strain-based indicator (0 £y (%™ )£1).

In the linear elastic regime, when y =y (edam)zl, the splitting between the
weak and strong components is governed by F . Setting F o=0 causes the strong
components to vanish, with al of the strain going into the weak one. Increasing F
up to the Poisson’s ratio reduces the amount of confining strain carried by the waek

component under uniaxial compression. When F o=n, the lateral strains in the weak
component vanish and all of the confining stresses arew provided by the strong
component.

In the nonlinear regime instead, the splitting of the total strain tensor into the

weak and strong components, starting from the assinf value of F, is governed by

the evolution of the damage, according to the function y =y (edam). A simple
exponential expression has been used so far, providing satisfactory results :
y (edam )=e(edam/ ) (47
where e®™™ =ePel™  with e® being the deviatoric invariant and e)" being
the maximum principal compressive strain, while eo and p are constants.
Once the two macrostrain components have been found, the model follows
the microplane approach where the macrostrain tensors are projected onto planes

evenly distributed around the circumference to obtained the microplane weak ev and

strong e normal strain components :
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ey =Ae” eg =A€’ (48
where Ax is a standard transformation matrix between the principal strains
and those on the microplanes. Since only the normal components are monitored,
the matrix Ax has only one row; calling g« the angle between the beam element
refernce system and that of the microplanes :
A, :[coszqksinzqk sing, cosqu (49
The stresses in the material are found by using the microplanes constitutive
behaviors (described in the following). For the strong components a linear elastic
behavior is assumed, while for the weak ones a complete set of non linear algebraic

expressions, defining loading unloading and reloading braches, is used.
The weak and strong components are not in series (in the sense that s; * sy
) and are not in parallel (in the sense that e, * e ). The following relations apply

between the k-microplane stress sk and the strain ex, and the corresponding weak

and strong components :
€ ey *ey Sy =Sk +S; (50
The macrostress tensor s =[s, s txy) is finally obtained by integration

of the microplane normal stress components around the unit circumference, using

the principle of wirtual work :
pdsTde:C)js kdekdﬁz(f)(ds,v(v +ds,i)(de¥(v +de§)j£ (51
Substituting ( 44 and ( 45 in (48, and again in ( 51,

ds =2 QP (as{ +ds} g (52

The integral is calculated over half a circumference because of the stress
tensor symmetry. The concrete fibre consitutive matrix D (expressed by ( 33) is

found using an incremental for of the microplane constitutive behaviors :
dsy =C/de; ds; =C de; (53
where C\'is the tangent modulus of the microplane weak stress-strain

relationship. By substitution the follwing expression can be obtained
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ds =Dde =2 §)ATCY A dg +F T (pT (G2 - C 1 Jadg e (54
DSQ Q\ u

The integrals of ( 54 ( 52 are evaluated numerically by monitoring a number
of microplanes over the circumference. The implementation of the present models
works with an eight-plane discretisation. The orientation of the microplanes is
determined by the orientation of the beam axis. A graphic representation of the
schematisation is given in Figure 8, where a case of uniaxial compression is
sketched.

F uniaxial compression
X O,<0 g:¢<0
G,=0 §€,>0
y

compression

dilatancy resistance

tensile behavior

<4—————| erpp tension G——o
uniaxial tension

U,=0 8x<0
C,>0 €0

microplanes

Figure 8 — Microplane schematisation

The stress-strain relationship used for the microplane normal weak
component is based on the work of Mander [...]. The skeleton curve in the

compression branch has the following expression :

f..Xr
SW — CC
KT r-1.0+x (55
where :
ey E. f
X=—", r=———< , E,. =-%
€cc (Ec - Esec ) . €cc ( 56

where fec IS the peak stress, e is the corresponding peak strain and Ec is the
modulus of elasticity.
The unloading branch is defined by a secant modulus Esec that decreases as a

function of the material damage. In the Mander model the damage is measured by
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the maximum compressive strain reached during the analysis. Calling with e,

un’Sun

the point of the reversal, the unloading branch is given by the following expression :

S XI
w
Sk _Sun - & r
r-10+x
N 57
_€x - € — Eu — S pl (

X=—"", I =——"71 Esec -
epI - €un (Eu - Esec) epI - €un

where Ey is the unloading tangent modulus at reversal, decreasing as a
function of the maximum compressive strain reached during the analysis; ey is the

inelastic strain (residual stress at zero strain), given by the following expression :

—_ (eun +ea)sun
Sol TG0 T FE e,) (58

where the strain e, is a function of the maximum strain reached durin the
analysis.

The reloading branch is linear elastic with a polynomial transition curve
joining to the skeleton curve. All of the unloading and reloading that do not exceed
the maximum strain have the same secant modulus Esec (there is no degradation is
cycles of the same amplitude). A detaled description of the cyclcic rules can be
foundin [...].

An example of the accuracy of the model is represented in Figure 9, where
the behavior predicted by the model is compared with some experimental results.

The tensile branch of the behavior is not a material property only, but it
depends on the amount and distribution of the reinforcement and the
corresponding stiffening energy. The following simple exponential expression has

therefore been used :

v -ecp@-elrrlo (s

where e; and p; are two parameters to be fixed according to the strength and
fracture energy required. The tensile strength is a material parameter and is
calibrated to match the material behavior in tension. The energy under the stress-
strain diagram depends on the cross-sectional geometry and reinforcement

configuration.
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Figure 9 — Concrete behavior in compression

A more detailed description of the material model can be found in [..] where
comparisons between the prediction of the model and the experimental results

describe the performance under several different loading conditions.

42.4.2 Steel

The material model for steel is based on the work of Menegotto and Pinto.
Tthis model is well known and widely used. The skeleton branch is divided in three
parts : 1) the linear elastic part, 2) the perfectly palstic and 3) the hardening branch.
The hardening branch is defined by the initial point and his tangent (ey,.s, . Eg;)

and the ultimate strength point (e, ,s,) Where the tangent modulus is zero by

definition :
e -e | & -e, 0

Ss:Sy+(Sy-Ssu* = > ! P=Esh = Shi (60
€su - €sn Ssu'syg

where ss and e are the current stress and strain values.
Unloading and reloading branches are defined instead by the following

expression:
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where e, and s, are the coordinates if the last reversal from the skeleton

branch. The other parameters are used to define the shape of the curve and to
Impose the tangent passage to the new junction coordinates on the skeleton
branches. Em is the initial modulus of elasticity at reversal, Scn is a characteristic
stress, Q is the ratio of the final tangent modulus to the initial one at reversal and R
IS a curvature parameter; the larger R is, the more the curve tendss to be bilinear,
when R is equal to 1.0 the curve is hyperbolic.

At each reversal the origin of the skeleton branch is shifted based on the
previous plastic deformation; this gives a set of different rules depending on
whether the reversal takes place from the skeleton branch or from the unloading
branch. A typical cyclic response of the model is plotted in Figure 10.
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Figure 10 — Reinforcing steel behavior

4.2.5 Limitations of the existing model
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In 1.2.3 the solution procedure proposed by Petrangeli et al. to solve the
problem of the local constitutive relationships were presented. The main
assumptions required to derive the proposed procedure were the following :
the plane section hypotesis
the fixed shear deformation profile
the perfect bond between concrete and transverse steel

The plane section hypotesis does not appear to be a source of potential
inaccuracy since experimental evidence showed (chapter 3) that a linear profile of
longitudinal strains is generally found along the element, independently of the level
of damage or of the section shape. In fact, other researchers demostrated that for
the purpose of estimating the longitudinal stress field, the plane section hypotesis
shows to be the most adequate assumption for any kind of RC or prestressed
section [Mike]. Longitudinal stresses might be affected by the partial loss of bond of
the reinforcement in the regions were significant inelastic strains occur. This
problem might affect the accurate estimate of longitudinal stresses, but the problem
should be treated separately by using appropriate methods to solve the bond-slip
problem [Monti].

The assumption of perfect bond of the transverse steel is a problem of a
smaller order of magnitude than that of the longitudinal steel bond. In fact,
significant slip of the stirrups is unsual if approriate construction details are
respected. Stirrups are generally closed at an angle of 135° at the section corners and
therefore slip is generally zero in an integral sense over the section depth. However,
when large shear cracks form and a considerable level of damage is reached, local
slip might occur. In these cases the transverse steel bars should be treated as a
number of unbonded tendons and the lateral equilibrium should be imposed at the
section level rather than fibre by fibre. Petrangeli et al. suggest a procedure to
calculate equilibrium when the hypotesis of unbonded tendons appears to be more

realistic.
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The third hypotesis, regarding the assumed shape of the shear deformations
over the section depth is instead the principal source of inaccuracies for three
reasons :
it does not allow to properly account for the section shape
it does not allow to properly account for the effect of shear damage
it does not allow to account for the influence of longitudinal steel on the shear

behavior

As it was pointed out above, the consequences of assuming a fixed shape of
the shear deformations has a particular relevance on the cyclic behavior. The
experimental evidence presented in chapter 3 showed that the evolution of shear
and flexural damage determines a significant lack of symmetry in the lateral and
shear strain fields with respect to the section centroidal axis. In the model presented
above, it was indicated that any shape of the shear deformations could be assigned,
but that this shape has to be fixed during the analysis. In principle, a non-symmetric
shear deformation function could be assigned, but the assigned shape would not be
appropriate during load reversals. It is now clear then, that the main aspect is that
the shear shape function should be adjusted continuously during a generic loading
path, to reflect the evolution of damage over the section depth.

In Figure 11 the typical distributions of stresses over the section depth are
depicted for a prismatic member with average reinforcement content.

Element segment and Longitudinal Concrete longitudinal Concrete shear  Concrete lateral
crack pattern Deformation profile stresses stresses stresses
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Figure 11 — Section stresses (traditional model)
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The main consequence of the inaccurate estimate of the shear deformation
profile is that the member might result significantly stronger in shear when

considerable damage is present. This undesired effect happens because lateral strains
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are determined from eqgn. ( 42 directly as a function of shear and longitudinal
strains. If the distribution of shear strains is inappropriate, the resulting lateral
strains will be inappropriate. Given the brittle nature of shear failures, an incorrect
estimate of the strains in the transverse reinforcement might result in unrealistic
overestimates of the shear capacity. In order words, for a given load level the model
might indicate elastic behavior of the stirrups while in reality the stirrups will be
already failed. This fact is particularly evident in members with low transverse steel
percentage.

The inappropriate estimate of the shear strain field results in a section stress
field where shear stresses are equal to zero in the section tension zone (see Figure
11). Longitudinal stresses indicate that the position of the neutral axis is not
significantly affected by the magnitude of the shear. In turn, it is well known that the
section compression region becomes deeper as the shear force increases. In these
circumstances, shear stresses tend to grow in magnitude in the section compression
zone as the externally applied force increases, while in the section tension zone are
always zero or negligible. The increase in shear stresses often induces the section
failure due to concrete crushing in compression, especially when low amounts of
reinforcing steel are present.

In Figure 12 a more realistic set of section stress distributions and crack
pattern is depicted for the same prismatic member of Figure 11. Note, in particular

the different profile of the shear stress.

Element segment and Longitudinal Concrete longitudinal Concrete shear  Concrete lateral
crack pattern Deformation profile stresses stresses stresses
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Figure 12 — Section stresses (modified model)
In fact one of the main variables in the determination of the shear stress

distribution is the arrangement of the longitudinal reinforcement. When longitudinal
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steel is distributed uniformly over the section depth (as it is the case of a column,
for example), the longitudinal bars contribute significantly in carrying shear forces.
As a consequence, the maximum value of the shear stress still occurs in the section
compression zone, but the shear stress in the section tension zone is not negigible
(see Figure 12). Its magnitude depends on the amount and arrangement of the

longitudinal bars.

The accurate estimate of the appropriate shear strain and stress fields is also
affected by the fact that shear damage, usually characterized by steep inclined cracks,
cannot be well represented by a discrete number of integration points along the
beam axis. In other words, accurate estimates of the shear behavior cannot be
obtained from local measures of stresses and strains. If the inclination of the shear
cracks varies in the range of 25° to 50° (with respect to the element axis), it is
reasonable to suggest that the behavior at the integration point should be
represented by the analysis of a portion of the beam that is equal in length to 0.8-2.0
times the section depth.

Based on the considerations made above, the next paragraph explains how
these effects can be accounted for by estimating the average shear stress distribution

of a portion of the beam element.

4.3 THE FEATURES OF THE PROPOSED NEW MODEL

Following the considerations made in 0, in the present paragraph a
modification of the existing model is proposed to solve the problems encountered
in the analysis of shear critical members. The resulting new model retains the
element structure and the state determination procedure, but it incorporates a new
formulation of the section constitutive behavior. The proposed formulation gives a
theoretically founded solution procedure to the determination of the shear stress

field, based on equilibrium considerations. The hypotesis of fixed shear
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deformations is abandoned and it is replaced by the requirement of equilibrium of
the longitudinal stresses with the shear stresses. At the section level, only the
assumptions of plane sections and perfect bond in the lateral direction are required.
The proposed procedure is described first and the effectiveness of the
approach is demostrated by the numerical verifications conducted on cyclic analyses.
Subsequently, specific aspects related to the influence of the longitudinal bars on the
shear and to the determination of the shear stresses and strains in disturbed stress

regions are discussed.

4.3.1 Dual section analysis

As it was discussed in paragraph 1.2.3, the constitutive behavior at the
integration points is expressed in the stiffness format (eqn. ( 18), that is, stresses are
found as a function of given strains. Once a complete set of deformation
parameters is found for a generic fibre, the corresponding stresses are found via the
material stress-strain relationships (eqns. ( 32 and ( 33). In fact, a comment was
made above on the fact that, while it is reasonable to evaluate longitudinal stresses at
the integration points as a measure of the local strains, for the shear stresses instead
the average value over an element segment should be taken to be representative of
the integration point. Instead of determining the element generalized stresses p(x)
as a result of local measures of the shear stresses at the integration points, the
average value between two adjacent monitoring sections will be assigned to the
integration point. From this perspective the procedure can be considered as a ‘non
local’ approach to shear. The shear stress distribution at the integration point m
along the element is a function of the longitudinal stresses at the integration points

m and m+1.
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Figure 13 — Non-local evaluation of shear stresses

At a generic fibre k the shear stress is found as follows :

o Abaesial), - Akiaiesial), }
(txy )DS - Ak(Xm+1 i Xm) (

y

Qox

In egn. ( 62 the contributions due to concrete and steel to the longitudinal
force resultant were considered. The shear stresses at all fibres over the section
depth can be determined with eqgn. ( 62, resulting in the ‘correct’ shear stress field,

that is, in equilibrium with the longitudinal stresses.

Al

A,
Figure 14 — Area of the fibres

When the shear stresses are evaluated instead based on a trial shear strain

field(e.g. the parabolic function of egn. ( 36) and on the material stress-strain

relationships, different values of t |, are found in general. Clearly, the stresses

t,, will not be in equilibrium with the longitudinal stresses of the two adjacent

sections since the trial strain field is not exact. The proposed procedure consists
essentially in imposing at each individual fibre the equilibrium between the shear
stress and the longitudinal force resultant calculated from the longitudinal stresses
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of two adjacent monitoring sections. The task is performed by an iterative

procedure where the shear strain field is modified until equilibrium is satisfied for all

fibres. The procedure starts with a trial shear strain field (e.g. e, :gg(yi)) and a

corrective function is calculated so as to equilibrate the resulting unbalanced shear

stresses.

Figure 15 — Fibre longitudinal equilibrium

With the trial strain field the corresponding stress field is found via the
concrete stress-strain relationships, then the target shear stresses are calculated with
eqn. (41.

The longitudinal force unbalance (or shear stress residual) at a generic fibre i

over the section depth is found as :

I :t>i<y '(t>i<y )DS (63

Xy

The problem at hand is then to determine the correction to be given to the
trial shear strain field in order to generate a shear stress field in equilibrium with the

longitudinal force resultants. For this purpose an estimate of the shear strain

residual re‘xy corresponding to the shear stress residual rt‘xy can be found via the

concrete stress-strain relationships.

Once the shear strain residual r! corresponding to the stress residuals

ey

rtixy has been calculated all al fibres, an integral estimate of the shear strain residual of

the whole section is calculated as :

nef .
ar.A
R, =2 — (64
anA

i=1
The value of R, is a measure of the section shear deformation residual caused

by the inappropriate shape of the shear strain profile.
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Using the concept of ‘homogeneous correction’ introduced in 1.2.2, the

correction to the assumed trial shear strain field is found as :

L) =r. -Rryaly') (65
Thus a new estimate of the shear strain field is found as follows :
i mod . i i
(exy ) - exy + (exy )' ( 66

With the new estimate of the shear strain field a new estimate of the shear
stress field is calculated via the concrete stress-strain relationships. If the new shear
stress field is in equilibrium with the longitudinal stress resultants the iterations stop,

otherwise a new correction is found with egn. ( 65.

The above-described procedure allows correcting the shear strain field while
the element equilibrium iterations are carried out. This feature is particularly relevant
in terms of computational efficiency. Theoretically, the iteration loops of the
element equilibrium and of the dual section analysis could be carried out separately,
but the computational effort would grow substantially. It would be unconvenient to
look for refinement of the sections shear strain field if the distribution of

longitudinal stresses generates section forces that are not in equilibrium.

4.3.2  The influence of longitudinal steel on shear behavior

As it was pointed out above, the use of an equilibrium-based numerical
procedure to evaluate section shear stresses allows not only more precision, but also
to account for the effect of the longitudinal reinforcement on the shear
deformations.

In fact, if an assumed and fixed shape of the section shear strains is assumed,
the difference in the shear behavior of an element with distributed or concentrated

layers of layers, cannot be distinguished.
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Figure 16 — Qualitative shear failure modes for beams with distributed longitudinal
reinforcement or with concentrated layers

In Figure 16 the qualitative failure modes of two identical beams with
distributed reinforcement or with concentrated layers are depicted. It is assumed
that the beam has an | shape of the cross section and that the amount of transverse
reinforcement is insufficient. The beams are subjected to uniformly distributed
vertical loads. In both cases the region that is more critical for shear is indicated. In
this region, the combination of bending and shear forces is particularly severe and it
is where beams of this type would typically fail.

In the beam with concentrated layers, the reinforcement is placed near the
top and the bottom faces. In this case the longitudinal internal forces in the beam
tension zone are entirely carried at the bottom face by the longitudinal
reinforcement. When the stresses on the reinforcement increase, the bars tend to
lose bond. Thus, in addition to the vertical flexural cracks, horizontal cracks tend to
develop near the bottom face. At the same time, the presence of high shear stresses
causes the formation of inclined cracks in the web of the beam. If the applied load
increases further, brittle failure surfaces will form involving significant slippage of
the longitudinal reinforcement and considerable opening of the inclined cracks, as

indicated in Figure 16.
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In the beam with distributed reinforcement instead, the longitudinal internal
forces are carried by separate layers in the tension zone. The opening of the inclined
cracks is therefore controlled by the presence of a number of individual layers.

The main difference between the two cases is obviously that in the first one
the failure mode is very brittle, as the loss of bond of all the tension reinforcement
causes a failure surface to form. In the second case instead, inclined cracks may

form, but their opening is controlled by the longitudinal reinforcement.

This example was made to show that the distribution of shear stresses and
therefore that of shear strains is largely dependent on the distribution of the
longitudinal reinforcing bars. In the numerical model, the resultant of the
longitudinal internal forces is calculated by taking into account the contribution of
both concrete and steel fibres. With this approach, the shear stress computed at a
generic fibre i located at a distance yi from the section top takes into account the
contribution due to all steel and concrete fibres comprised between the section top
and the fibre i.

A problem arises on the influence of the section meshing on the accuracy of
this procedure. In fact, in the section tension zone, the amount of longitudinal force
carried by the longitudinal reinforcing bars is several times higher than that carried
by the concrete. The effect of these high rebar stresses on the surrounding concrete
Is dependent on the efficiency of the bond. If perfect bond exists between the bar
and the surrounding concrete, the rebarbar stress is transferred to the concrete in a
region that has a size dependent on the diameter of the bar. In Figure 17 the
problem is qualitatively described by drawing the internal stresses that develop in
the concrete surrounding a large size bar and those that develop in the concrete
surrounding a small size bar.

Essentially, in case of large diameter bar, the region required for the stress

transfer will be larger than that required in case of a small bar.
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Figure 17 — Influence of the bar size on internal stresses

This remark was made in order to stress the importance of appropriate
section meshing. In other words, if the section is discretised in small concrete fibres
and large diameter bars are present, the estimate of the fibre shear stress might be
inaccurate. This is because, when computing the resultant of the longitudinal force
at fibre i, the effect of the large size bar will be completely attributed to the concrete
at the fibre i. On the contrary, the bond mechanism acts in a way that the
longitudinal force is not transferred locally to the surrounding concrete, but in a
much larger region. An approximate solution to the problem is proposed herein,
whereby an interaction between the concrete and the steel fibres is assumed as a
function of the particular meshing pattern adopted.

When the section geometry is defined and all concrete and steel fibres are
assigned, a band matrix is defined relating the concrete to the steel fibre areas. The
band of the matrix is proportional to the size of the transfer region, and thus to the
bar diameter. The matrix has ncf rows and nsf columns and its elements have the
following meaning : for each individual concrete fibre, the area of longitudinal steel
that has an influence on that fibre is computed.

With this concept, the area of a generic steel bar is “distributed” on the

surrounding concrete fibres in proportion to the distance from the location of the
steel rebar. The area of reinforcing steel for each concrete fibre A, is found via the

following transformation :
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A, =RA

s (67

where A is the ncf-components vector of the steel area for each concrete
fibre, As is the nsf-component vector of the steel fibre area (as assigned in
reinforcement layers) and R is the transformation matrix. The elements r;; of the
matrix R have the following property : 0 £r;; £1.

Depending on the distribution of the reinforcement and on the type of
section meshing, for a generic concrete fibre i, several steel fibres (assigned
reinforcing layers) might have an influence on the evaluation of the fibre shear
stress. With the transformation ( 67, at a generic concrete fibre i, contributions from
all steel fibres are added together via summation. If the steel fibre is far enough

from the concrete fibre, the influence coefficient rij will be zero.

One quantity that has to be specified (for each assigned reinforcing layer) is
the distance p that is required for the steel rebar to transfer the stress from the steel
to the surrounding concrete. The behavior according to which the stress is
transferred as a function of the distance from the rebar centroid, is tentatively

described by the following expression :

N
N

(68

§_ By §
:§ 5

In egn. ( 68 expressing the portion of the reinforcement layer j than has an

[ i eny enl?

influence on the concrete fibre i.

From the discussion made above, it appears that the simplifying assumptions
made on the bond behavior of the reinforcing bars might be a potential source of
inaccuracy for the beam element. In particular, the shear failure modes that occur
with significant rebar slippage and subsequent opening of inclined crack surfaces
cannot be well represented. However, at least before this type of mechanism occurs,

the effect of the longitudinal rebars on the shear degradation is taken into account.
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4.3.3  The influence of the D-regions

The beam element can obviously be used to model different structural
configurations. In 1.4 different examples will be shown where the elements are
connected in series to model a long beam or where a single element is used to
model a cantilever.

When modelling a structure of any type it has to be remembered that the
presence of external restraints has an influence on the distribution of stresses and
strains along the member. For example, when using the element to model a
structure that is connected to a rigid block (such as a footing for a column or a wall
for a beam), it has to be rembered that this connection will unaviodably disturb the
stress fileds at the element end where the connection is present. This remark is
made to point out that the existance of the so-colled disturbed regions (D-regions)
has to be taken into account when using the element to model a structure of this
type.

A typical problem of this type occurs when modelling for example the
behavior of a column connected to a footing and loaded in single bending. The
column transfers the longitudinal stresses into the footing (strain penetration effect),
therefore causing significant flexural deformations to occur in the footing in a
relatively deep region. In Figure 18, an appropriate modelling scheme is proposed
for this type of problem, where the effect of the strain penetration is accounted for
by increasing the inflection length of the element. The estimate of the strain
penetration length can be made, depending on the type and size of the longitudinal
reinforcing bars with the formulea give in chapter 3.

The presence of the footing has also an influence on the shear behavior. In
fact it constraints the shear deformations (and therefore the transverse
reinforcement strains) in a region that is usually about %2 of the column section
depth. This fact was observed experimentally in the tested specimens when looking
at the strains in the transverse reinforcement in the piers base region. Thus, when

modelling this region, the amount of transverse reinforcement assigned at the
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element Gauss points should be arbitrarily increased by a factor of 4.0 to 6.0 to

account for this effect. This range for the increase in the specified amount of shear

reinforcement at all fibres is suggested by experience, but has no theoretical basis.
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Figure 18 — Example of structural modelling

For the type of member depicted in Figure 18, the dual section analysis is
required only near the section base, that is the most critical region for shear. In fact,
given the geometry and the loading scheme, this is the region where significant

cracking will occur and where the column is expected to fail.

Obviously these two remedies to the problem of accounting for the presence
of a rigid block at the base are only meant to be simplified solutions to a complex
problem. The disturbed stress regions should be treated with specific assumptions,
perhaps using a specific finite element. In the present paragraph, an overview of the
typical simplified solutions was presented to point out that the existance of the D-
regions modifies the element stress field along the inflection length. In particular,
when members have low aspect ratios, the influence of the presence of a rigid block
at one of the element ends changes substantially the distribution of damage along

the element length and occasionally also the failure mode.
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4.4 NUMERICAL VERIFICATIONS

In the present paragraph, a set of numerical verifications is presented. Results
obtained with the proposed model are initially compared with those obtained with
the traditional model. The purpose of this comparison is to examine how the choice
of imposing equilibrium of longitudinal forces with the dual section procedure
affects the behavior of the beam element. For this reason, two examples are
presented first on a simple RC column with a square section shape and with usual
arrangement of the reinforcement. Cyclic analyses are conducted with both models
and comparisons are discussed in detail.

A second group of analyses is conducted on a prestressed | beam, in order to
show the applicability of the proposed model to prestressed members. The
vulnerability in shear of this type of structures comes into play when the
prestressing strands lose tension due to ageing or when some of them fail due to the
effect of corrosion. In the past, designers used to provide the minimum amount of
shear reinforcement aloowed by codes. Lately, it has been recognized that a larger
amount of transverse reinforcement is desirable to control diagonal cracking in the
web in case the strands lose tension. Incidentally, the I shape of the cross section
enables a further investigation on the effect of the section shape on the section
shear stresses.

The third and last set of numerical verifications is dedicated to the
comparison between the response predicted with the new numerical model and that
observed during the testing of the bridge pier specimens. Experimental results are
compared with the equivalent quantities estimated with the numerical model, where
possible. The beam element shows to be able to predict the behavior up to failure

with a good accuracy.

4.4.1 A solid square column (in single bending)

As a first example of the performance of the new finite element, the analysis
of a RC column loaded in single bending will be presented herein. The column has a

cross section dimension of 50cm and a longitudinal reinforcement content equal to
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1.15% (see Figure 19). The transverse reinforcement is provided by closed stirrups

(8mm in diameter) at an interval of 100mm.

50cm

16 f 16mm

long. bars

50cm

f 8mm @ 100mm
stirrups

Figure 19 — Column cross section
The material properties are as follows : steel yield strength = 520MPa,

concrete peak strength = 35MPa.
The column is loaded in single bending under constant compressive axial
force and cyclically varying lateral displacement. Forces and displacements are

applied at the column top, as indicated in Figure 20 .
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Figure 20 — Column loading scheme Figure 21 — Lateral displacement history

Lateral displacements are applied with the sequence depicted in Figure 21.

The ratio of the shear span to the section diameter was purposely taken equal
to 3.0, which is not particularly low (as far as the shear vulnerability is concerned)
and the amount of transverse reinforcement was chosen such as to obtain a
‘reasonably confined’ member. These choices were made to show that a singificant
difference in the response in shear is obtained with the new model (in comparison

with the traditional one), even if the structure is not extremely brittle in shear. Also
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the applied axial load is quite low (about 4% of the section compressive strength), in
order to simplify the interpretation of the results.

The discretisation of the structure is realized by the use of a single finite
element with 4 Gauss points, located as indicated in Figure 22. The integration
scheme is of the Gauss-Lobatto type, consequently the second point is located at
42cm above the base restraint. The dual section analysis is conducted between the
integration points 1 and 2 and affects only the behavior of section 1. The distance
between the two sections is such that at the second integration point the
longitudinal steel remains within the elastic range. As a consequence, the shear
stresses will be computed as the average over a region that is a little larger than the
plastic hinge length, as desired.

The element sections are discretised as indicated in the same figure, with 30
layers of concrete fibres and 5 layers of longitudinal reinforcement fibres.

* 4 Node j
Section
discretisation

®3

@ 2
DS
1 Nodei

Figure 22 — Discretisation of the analysed structure

30 concrete
fibres

42cm

Given the geometry of the section, the distribution of shear stresses over the
section depth should not be crucial in the local behavior. In fact, at least in the
elastic range of response, the shear stresses will follow a parabolic profile. As a
consequence, little difference between the traditional and the new model are
expected. Further, since the shear span to section diameter ratio is not particularly
low, it is expected that the maximum strength will be governed by the flexural
capacity, rather than by the shear strength. This is in fact an “ordinary” case, where
yielding of longitudinal rebars occurs before the stirrups start to deform. The

process by which a structure of this type fails is governed by the way in which of
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flexural affects the shear capacity. In other words, the column will fail in shear in a
ductile fashion.

Given the considerations made above, it is expected that the global behavior
of the column will be roughly the same when analysed with the traditional or with
the new model. However, significantly different response is expected locally, due to
the relatively high level of shear stresses. It is therefore more interesting to look at
the local behavior at the integration points (and particularly at that at column base),

rather than to examine at the global force-displacement response.
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Figure 23 — Moment-curvature response at the base section

In Figure 23 the moment curvature response at the base of the column is
plotted both for the traditional model and for the new model. As anticipated, only
minor differences are observed, since the flexural behavior is not affected directly by
the presence of high shear. On the contrary, the shear behavior is affected by the
magnitude of the shear stresses and by the presence of high principal tensile strains

over the section depth.
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Figure 24 — Shear force-shear deformation behavior at the base section

In Figure 24, the shear response at the first Gauss point is plotted for the
traditional and the new model. It can be observed that from the elastic range of
response, the new model shows a larger deformability. During the first cycle, a
considerable loss of stiffness occurs due to incipient cracking, as clearly indicated by
the new model. In the traditional model instead, during the elastic phase, concrete
cracking has little or no effet on the section shear deformation. At the peak of the
second cycle the shear deformation computed with the new model is as high as
three times the one computed with the traditional model. At the peak of the second
cycle in the negative direction (-0.67% drift), both models indicate stirrups yielding.
While with the traditional model this was caused by the presence of high shear
stresses in the section compression region, in the new model stirrup yielding
occurred due to diffused shear damage over the section depth. This aspect becomes
clear when looking at the computed section stresses in the two cases, and at the

resulting directions of the principal tensile stress over the section depth.
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Figure 25 — Base section at 0.33% drift ~ Figure 26 — Base section at 0.33% drift
(traditional model) (new model)

While with the traditional model at early stages of loading the effect of shear
on the section tension zone is negligible, with the new model inclined cracks form
due to the presence of shear stresses larger than zero in the section tension zone. In
Figure 25 and in Figure 26 the behavior of the first integration point is compared.
Note the different shape of the section transverse stresses and shear stresses. In
Figure 25 shear stresses reach a maximum of 3.3MPa in the compression zone,
while they are zero in the tension zone. In Figure 26 instead the maximum value is
only 1.3MPa in the compression zone, but the shear stresses in the tension zone are
not negligible. Also, the transverse concrete stresses are much higher in Figure 26
than in Figure 25. This is a result of the different orientation of the principal
compressive stresses.

If the behavior of the same section is observed at the second cycle (at 0.67%
lateral drift), similar differences are observed. A further increase in shear stress in
the compression region is obtained with the two models. The orientation of

principal stresses looks still very different.
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Figure 27 - Base section at 0.67% drift Figure 28 - Base section at 0.67% drift
(traditional model) (new model)

If the behavior is now compared at -0.67% drift (when in both cases the
stirrups yielded), it can be observed that the direction of the principal stresses start
looking similar (see Figure 29 and Figure 30). It is interesting to note that, according
to the traditional model, once the transverse reinforcement has yielded, the section
Is unable to carry shear stresses. In fact, the shear stresses that were considerably
higher with the traditional model, are now considerably lower than those computed
with the new model. This is due to the fact that a residual shear capacity is provided
by the presence of the longitudinal bars, which provide a restraint against further
opening of the shear cracks. This mechanism does not exist in the traditional model

and therefore the available strength is just that due to the concrete.

Figure 29 — Base section at-0.67% drift Figure 30 - Base section at —0.67% drift
(traditional model) (new model)

Finally, when the stirrups are about to rupture, the section transverse and
shear stresses drop down significantly, and consequently little difference in the

response is predicted with the two models (as shown in Figure 32).
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Figure 31 — Base section at 1.0% drift Figure 32 — Base section at 1.0% drift
(traditional model) (new model)

A further understanding of what discussed above can be gained by looking at
the profiles of the principal compressive stressesb at the 0.67% drift level, depicted
in Figure 33. While with the traditional model the value of the principal compressive
stress below the neutral axis (located roughly 10cm below the section top) is rather
low, with the new model it is several times higher (as it is clearly indicated by the

enlarged view).
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Figure 33 — Principal Compressive Stress profiles at 0.67% drift

As it was explained above, the present example had the objective to show
that, even in a “standard” case of a reasonably confined and reasonably slender

column, differences in the behavior are evident. The difference becomes more
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evident when the case is more critical for shear, that is, the shear span ratio is lower
(e.g. 2.0) and the amount of transverse reinforcement is insufficient. This would be
a “critical” case as opposed to the “standard” case because the stirrups prematurely
start to deform before the longitudinal rebars yield. In these circumstances, the
maximum capacity will not be governed by flexure, but it will be governed by shear,
and consequently the difference in the response of the two models will also be on
maximum capacity.

A new numerical example is now presented, with similar features of the
previous one. The same cross section of Figure 19 is considered and the transverse
reinforcement is reduced to 6mm closed stirrups at 20cm interval. The ratio of the
shear span to the section diameter is reduced to 2.0 (the height of the column is
1.0m). This more critical case is not an extreme one, but rather a common case of
inappropriate design. These cases are frequent when analyzing old structures
designed in accordance with obsolete seismic design codes.

The discretisation of the structure is the same for the section properties,
while a different integration scheme is used. Due to the reduced length of inflection,
only 3 Gauss points are used. The dual section analysis is performed again between
sections 1 and 2.

In Figure 34 the shear behavior of the base section is plotted for the
traditional and for the new model. In this case it can be observed that the
inappropriate estimate of the section shear stresses and strains (provided by the
traditional model) results in a higher estimate of the maximum capacity. In fact, the
new model predicts a peak shear force that is 30% lower.




201

300 ‘ ‘
Drift Level : !
® 0.33% | |
200+-- . === AN - - - - - = ——— — -
A 0.67 % ; :
/2 | [ \\

Nr
) | | |
O | | |
B o | | |
LL | | |
o | | I
< [ [ \
U) | | I
| | |
'200"******%******7**** New Model *’:
: : Traditional Model :
-300 i f i i f
-0.015 -0.01 -0.005 0 0.005 0.01 0.015

Shear Deformation

Figure 34 — Shear force — shear deformation behavior at the base section

442 A prestressed | beam

As it was anticipated above, an interesting application of the new beam
element is the analysis of prestressed concrete beams. It has long been recognized
that this type of members may suffer significant problems due to shear cracking
unless adequate of transverse reinforcement is provided. The present paragraph
deals in fact with a non-seismic case of shear vulnerability, with the objective of
showing that the improved performance of the fibre element with shear may be of
interest in a wider area of structural applications.

Designers usually calculate the stirrups required in the prestressed beams,
based on the maximum level of shear stress. Typically in prestressed | beams, the
highest shear stress occurs at the section centroid. If inadequate shear reinforcement
Is provided, web shear cracks form near the section centroid. In order to avoid this
undesirable degradation mechanism, it is theoretically sufficient to calculate the
maximum expected shear stress at the section mid-depth and design the stirrups
accordingly. However, the shear degradation mechanism might develop also in a

different way.
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In fact shear vulnerability of these members may also be due to shear cracks
forming as extensions of existing flexural cracks. In Figure 35 an example of a

prestressed | beam severely degraded due to shear/flexural cracks is depicted.

Figure 35 — Experimental test on a prestressed I-beam subjected to combined
flexure and shear

Shear cracks of this type may form during the working life of a beam for two
different reasons : 1) presence of excessive loads or 2) tension losses in the
prestressing strands. In both cases, damage starts by formation of flexural cracks,
which subsequently proceed from the beam tensile side towards the compression
region by following an inclined path.

In these circumstances the shear reinforcement is essential, as it has to
control diagonal cracking in order to prevent the beam failure. For the purpose of
describing this typical phenomenon, an analysis of a prestressed |1 beam will be
carried out herein. The beam depicted in Figure 36 and Figure 37 is a girder of a
simply supported bridge superstructure. This latter is composed of 5 beams
connected by a 0.25m thick reinforced concrete slab. The distance between the

beams is 2.35m.
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Figure 36 — Section dimensions Figure 37 — Prestressing reinforcement

The shear reinforcement is provided by closed stirrups (8mm in diameter) at
an interval of 300mm.

The objective of the analyses is to describe the behavior of the beam (with its
top slab) under the effect of a uniform load on a simply supported scheme.

In particular, the interest is in the evaluation of the maximum deformation
capacity and the failure mode. The behavior will be examined in case the where
assuming the prestressing strands are all working at 100% of the nominal tension,
and also in the cases where the tension is reduced to 70% or 50% the full value.
Obviously, when the compressive force on the concrete due to the effect of
prestressing is reduced, the shear vulnerability increases.

Two sets of analyses are conducted. The first group of analyses is carried out
in the assumption that the effects of shear deformability are negligible, as this is
generally the case in common design practice. The second group instead is carried
out with the proposed numerical beam model, with the non-local approach to shear.
The finite element model is shown in Figure 38, where the locations of the element
nodes and of the nodal loads are indicated. Each element has 3 integration points,
so that the distance between two adjacent Gauss sections is 1.3m, that is 70% of the

beam depth.
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Figure 38 — Finite element model — discretisation

The prestressing strands are pretensioned at a strain of 0.0065. All strands are
straight along the beam span.

The vertical loads are applied monotonically up to failure. In Figure 39, the
results from the first set of analyses are reported. The behavior of the beam is
expressed in terms of the midspan deflection vs. the applied vertical uniform load.
The beam dead load accounts for 40kN/m, and one can see that when the prestress
is acting at 100% of the initial tension, the deflection at midspan is positive if no live
loads are applied.

The ultimate points in the curves of Figure 39 indicate the rupture of the first
prestressing strand. It can be observed that the loss in the prestressing tension has
the effect of reducing the load at which cracking occurs. Also, the tension loss is
associated to an increase in the ultimate deflection. As far as the flexural analysis is
concerned, the ultimate strength is not affected by the tension loss in the strands.

The point of interest here is the (obvious) anticipated onset of concrete
cracking. Note, for example, that if the strand tension is reduced to 50% the
nominal one, the cracking load is reduced by 40%. This means that a mere 20kN/m
live load acting on the structure will cause cracks to appear. As it was commented in
chapter 2, cracking changes substantially the distribution of stresses in the beam
because of the shear. It has therefore to be expected that the behavior will change

once the beam is cracked.




205

Midspan deflection (% of the span)
-0.25 0.00 0.25 0.50 0.75 1.00 1.25

140II

120 — <
— _ zZ
g 100 =
2 c
~ . <
< o
—] %)
-c'é 80 1 3
9 IS
- 60 — =
©
9 i -
_% 40 —| | [ ] Incipient cracking - 4000 o
< . / — Nominal Prestressing Force | g
!

20 — 1Y | Prestress at 70% L o000 =

T // —— Prestress at 50% B

0 T L I I N I ) B B 0

-01 -005 0 005 01 015 02 025 0.3 035 04 045
Midspan deflection (m)

Figure 39 — Load-displacement response (flexural analyses)

In fact, if the same analyses are repeated by using the proposed beam model,
substantial differences in the response are observed. In Figure 40 the results of these
analyses are reported. It can be noted that no differences appear in case the
prestressing strands work at 100% of the nominal tension. On the contrary, a
substantial drop in ultimate strength and ultimate deformation is observed in case
the strand tension is reduced to 70% or 50%. As it was anticipated above, the effect
of shear does not appear before the cracking point (elastic range). However, once
the concrete is cracked the stress distributions are very much affected by the

presence of the shear.
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Figure 40 — Load-displacement response (analyses with the proposed beam element

with non-local shear)

It can also be noted that, immediately after cracking, the load-displacement
curves are very similar, since the beam is reasonably slender and the global behavior
is still governed by flexure. When higher shear stresses appear and the transverse

reinforcement reaches the yield point, the beam degrades rapidly and the slope of

the load deflection curve decreases substantially.
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Figure 41 — Beam shear critical region

In order to facilitate the interpretation of the results, it is of interest to look at

the behavior along the beam span. It is well known in fact that, under the effect of

Moment at midspan (kNm)




207

the applied loads, there exist a “shear critical” region, where the combined effect of
bending and shear forces determines the most unfavorable situation for shear
damage. This region is identified in Figure 41.

In the following, the behavior of the beam during the application of the
external loads will be examined at midspan, at 4m, 8m and 12m away from midspan.
In particular, the shear force vs. shear deformation at these four sections along the
span is reported in Figure 42. For simplicity, only the cases of full prestress and 50%

of the prestressing tension will be considered.
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Figure 42 — Shear force — shear deformation behaviors along the span

From Figure 42, it can be observed that at 12m away from the midspan the
behavior in shear remains within the elastic range. In fact, by observing Figure 35 it
can be noted that in this region no shear cracks form. At 8m away from midspan,
the non-linear behavior in shear is observed only if the presteress acts at 50% of the

nominal tension. In the section at 4m from midspan, the non-linear behavior is
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observed irrespective of the level of prestress acting on the beam, though the level
of shear force in this section is considerably less than in the previous ones. Also
note that in the section at 8m from midspan, after cracking the stirrups start to
deform and rapidly reach the yield point (a softening behavior is shown).

In the section at midspan the shear deformation should be exactly zero, but
since the behavior was taken from the reading at the Gauss point (that is a little
distance away from the midspan), inelastic shear deformation also occurring.

The analysis of the section average shear deformations along the beam span

enables to further clarify what discussed above.
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Figure 43 — Profiles of the shear deformations (tension in the strands at 100%)
In Figure 43, the profiles of the shear deformations at beam failure are

plotted at different stages of the applied external load (refer to Figure 40 to identify
the correponding deflection at midspan). It can be observed that during the elastic
range of response larger shear deformations appear towards the beam supports
(where the shear is higher), while subsequently the maximum occurs at 4m away
from the midspan. The results clearly indicate that inelastic shear deformation in a

region comprised approximately between midspan and 6m away from it.




209

In Figure 44 similar profiles are plotted at different stages of loading in the
case where the strand tension is at 50% of the nominal value. It can be noted that
the maximum value tends to shift away from the midspan as load increases. Also

note that the maximum values at beam failure are significantly higher.
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Figure 44 - Profiles of the shear deformations (tension in the strands at 100%)

4.4.3 Simulation of the response of the bridge pier specimens

In the previous examples the performance of the proposed beam model was

described through a number of relatively simple applications, where some of the key
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features of the proposed approach were shown. The group of applications
presented in the present paragraph aim instead at taking a further step into the
description of the peculiarities of this model in comparison to other state-of-the-art
approaches. In fact, the application on the prediction of the response of circular
hollow columns is a suitable one from this point of view for different reasons. The
complexity of the cross section geometry poses the question of the influence of the
section shape on the distribution of the shear flow, which determines to a good
extent the failure mechanism. Also, given that the experimental results of the bridge
piers are well documented, a useful comparison of similar deformation parameters

can be made to explore in depth the accuracy and the limitations of the model.

The analysis of the bridge pier specimens is carried out by using one finite
element with four integration points. The imposed displacement history is simplified
by eliminating repeated cycles at the same displacement level. Also, only one cycle is
conducted in the elastic range at displacement ductility 0.5. The imposed

displacement history is depicted in Figure 45.
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Figure 45 — Imposed displacement history
The length of inflection of the analysed elements is taken as equal to the clear

height to the point of loading plus an additional “extra length” at the base to
account for the strain penetration in the foundation footing. This latter is not

modelled, therefore it is important to account for the effects of its presence on the




211

behavior of the columns. As far as the flexural behavior is concerned, this can be
done by adding the “extra length” to the element length of inflection; for the base
restraint on shear deformation instead, a simplified solution consists in arbitrarily
increasing the amount of transverse reinforcement at the element base by a factor of
5.0 (as discussed in 1.3.3).

4.4.3.1 Cross section discretisation

The cross section is discretised by using 20 concrete fibres. A problem arises
when deciding how to subdivide the section in fibres in order to appropriately
describe the section in a 2D schematisation. In particular, the problem is related to
the influence of the section meshing on the area of the fibres in the transverse
direction (shear direction) as this quantity obviously influences the behavior in
shear.

Two different solutions to this problem are possible. In the first case the
section is subdivided in a number of layers of equal thickness and the area in the
transverse direction is taken as that resulting by “cutting” the section horizontally at
each layer. With this approach all fibers will have a different area in the longitudinal
direction and a different area in the transverse direction (Figure 46).

In the second case instead, imagine the section is discretised as an axial-
symmetric solid with a polar subdivision in sub-layers. In this case all fibres will have
the same area in the longitudinal direction and the same area in the transverse
direction (Figure 47).
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Figure 46 — Section discretisation type-1  Figure 47 — Section discretisation type-2
(horizontal subdivisions) (radial subdivisions)

In both cases the distribution of the fibres determines a configuration that
resembles a section with an | shape. To visualize this aspect, imagine to “squeeze”
the section until there is no hollow portion left. The distribution of longitudinal
areas with respect to the section depth essentially determines the behavior in flexure
and it is not different in the two cases. The distribution of the transverse areas
instead differs depending on the discretisation choice and causes a different
distribution of the shear stresses to occur.

One more problem arises as a result of these considerations. How to assign
the amount of transverse reinforcement at each fibre ?

In case of a rectangular section or a simple | shape it is quite straightforward
since the area of transverse steel is the same at all fibres. In case of a circular section
instead the amount of transverse reinforcement should be assigned depending on
the position of the fibre on the section depth. This is because the area that has to be
specified in the discretisation is the area that acts against the lateral dilatancy. In our
case, at section mid-depth the transverse steel is parallel to the section y direction
(refer to 1.2.3 for the reference system), therefore it is fully acting against dilatancy.
At section top (or bottom) instead, the transverse steel is perpendicular to the y
direction, therefore providing no restraint against dilatancy. As a conclusion, the
amount of transverse steel has to be assigned in proportion to the component in the
y direction.

One more consideration has to be made on the role of transverse steel. In

fact, the effect of transverse steel is not only to restraint the deformation in one
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direction, but also to “provide confinement”. From this point of view then (in the
section discretisation) the transverse steel at section mid-depth provides zero
confinement, while that at section top (or bottom) fully acts as confining steel.
Given the nature of the 2D concrete model, it is suggested to account for the effect
of transverse steel by assignign the same area at each fibre. This option is evident in
case discretisation type 2 is used, while it is less straightforward in case discretisation
type 1 is used.

For the analyses carried out in this paragraph, the discretisation type 1 will be

used.

4432 Unit HS1

The material mechanical properties used for the modelling were assumed
based on the information given in chapter 3. The 40MPa concrete was modelled by
assuming a peak deformation of 0.0025 and a tensile strength of 2.5MPa. No
specific considerations were made in the steel material model to account for

buckling of longitudinal rebars, which occurred during the tests.
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Figure 48 — HS1 Test — Force displacement response

In Figure 48, the force displacement responses (numerical and experiemental)
are compared. It can be noted that during the elastic range the strength is a little
overestimated, while between ductlitly 1.0 and 4.0 it is a little underestimated.

The effect of the shear deformations on the force displacement cycles is
evident from the pinched shape near the origin. As observed experimentally, the
numerical model correctly indicates a significant stiffness reduction between
unloading and reloading branches of the cycles. The unloading stiffness is slightly
overestimated.

In order to take a closer look at the behavior at the target displacements, the

envelope behavior is examined in Figure 49
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In Figure 49, note that the first point of the numerical envelope is at ductility
0.5 (about 10mm).
The ultimate point of the envelope corresponds to the last target

displacement, not to the numerical failure. This latter uccurs at a larger displacement

(according to the model 120mm). Perhaps the estimate of 0.0025 for the concrete

peak deformation in compression was a high, and therefore inappropriate for the

concrete fibres lying near the column inside (unconfined) face.

The shear behavior of the test specimen (as identified experimentally with the

large shear panels in chapter 3) can be compared with the shear behavior at the first

Gauss point (element base section). Obviously these two quantities are not direclty

comparable. However, in both cases they represent the average shear deformation

over a portion of the column that is 2/3 of a column diameter in length. For this

reason the experimental and numerical shear behavior of the column base region are

presented in different graphs (Figure 50 and Figure 51 respectively).

120




216

lack of simmetry in the push and pull directions. Up to ductility 1.5 (both in push
and pull) the shear deformations (exp. and numerical) attain similar values, while in
subsequent cycles the numerical one is as large as two times the experimental one.

ones.
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Figure 50 — Shear behavior (exp.)
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Figure 51 — Shear behavior (numerical)

It can be noted that the numerical prediction is characterized by a significant

Note that the shape of the cycles is quite similar to that of the experimental

The monotonic envelopes of Figure 50 and Figure 51 are compared in Figure
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Figure 52 — Shear behavior envelope response

From this preliminary examination it appears that shear deformations are
overestimated in the base region. For a further understanding of this aspect, the
deformations in the transverse reinforcement need to be analysed. As in chapter 3,
the hoop strain (transverse reinforcement strain at section mid-depth) is plotted as a
function of the applied lateral displacement. The nuerical behavior obtained at the
first Gauss point is compared with that measured in three different locations along
the column height (Figure 53). It can be noted that the overestimation of the shear
deformation cannot be attributed to the level of hoop strain. The development of
the hoop strain with increasing lateral displacement (as predicted by the model at
the first Gauss point) agrees well with the reading from a gauge that lies

approximately in the same location.
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Figure 53 — Hoop strain at section mid-depth (exp. and numerical)

Even though the shear deformation at the column base is overestimated, the
general behavior is well captured and the degrading mechanism is correctly
represented. The transverse reinforcement does not reach the yield point, therefore
determining a flexural failure mechanism (as observed experimentally). The element
failure occurs at concrete crushing, a quantity that can be estimated with good
accuracy if the behavior of concrete is accurately given in the input of the material

properties.
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4433 Unit HS2

As discussed in chapter 3, this test unit is the most interesting one, since it
failed in shear and the transverse reinforcement ruptured along an inclined crack in
the column base region.

The force displacement behavior of this unit is shown in Figure 54 and
Figure 55.

As observed for the previous unit, the strength at ductility 1.0 is
overestimated. This is not due to inappropriate choice of the inflection length, but
rather due to a different development of the degradation mechanism. Up to
cracking in fact the two graphs are very similar. Immediately after cracking though,
the experimental curve shows a definite reduction in stiffness, which is not indicated
by the model.
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Figure 54 — HS2 test — force-displacement response

The strength of the subsequent cycles is a little underestimated (as in the
previous example). The failure is predicted at ductility 2.5 due to rupturing of the

transverse steel. In this case it has to be noted that the ultimate point depends
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significantly on the value assumed for the ultimate deformation of the reinforcing
spiral. In this analysis it was assumed 2.5%. Experimental tests on this steel revealed

a large scatter in the ultimate deformations, ranging from 1.8% to 3.5%.
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Figure 55 — HS2 test — Monotonic force-displacement envelope

In this case it is of particular interest to analyse the shear behavior, since it
determined the column failure mechanism (both experimentally and numerically).

As it was the case in the previous example, the behavior is not symmetric in
the push and pull directions. Up to ductility 1.5 the values of shear deformation are
comparable, while at later stages the numerical model overestimates, particularly in
the push direction.




221

Bottom West Panel

1500
] 2
1200 7 §_ g
© o
900 - 2 ]
= 1 <
< 600
Py | D ve—
3 300 - 1663mm
B pull push
L 0 | direction direction
©  -300 1
ey i
s -600
— 4
-900
-1200 . Displacement peaks
-1500 ms m
I I I T I I I I I T I T I T 1
-30 -25 -20 -15 -10 0 5 10 15 20 25 30
Shear Distortion (mm/m)
Figure 56 — shear behavior (exp.)
Base section
1500
1200 me ¢
900
/Z\ 4
& 6007 m
§ ] MA
5 o . puII'
LL | direction h
©  _300 - pus
o 300 7] direction
& -600
— 4
-900 -
-1200 7 m Ms m . Displacement peaks
-1500 Predicted Behavior
[ T T T T T T T T T T 1
-30 -25 -20 -15 -10 -5 0 5 10 15 20 25 30

Shear Distortion (mm/m)

Figure 57 — shear behavior (numerical)

The envelope curves derived from the graphs of Figure 56 and Figure 57 are
plotted in Figure 58.

The premature failure predicted by the model is probably not dependent only
on the assumed ultimate deformation for the transverse steel, but also on the
predicted development of the hoop strains as a function of the applied lateral
dispalcment. Contrary to the case of the previous example, hoop strains are larger

than those observed experimentally (Figure 59).
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Figure 58 - Shear behavior envelope response

As it is clearly indicated by the graph of Figure 59, the numerical simulation
indicates that it takes a larger displacement to activate the strain in the transverse
reinforcement. In fact, at a displacemnt of 20mm the hoop strain predicted by the
model is considerably less than that measured in the three locations of the strain
gauges. Subsequently instead, the hoop strain increases very rapidly and at a

displacement of 40mm it is considerably higher than that measured experimentally

in the gauges at 305mm and 876mm above the column base.

30
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Figure 59 - Hoop strain at section mid-depth (exp. and numerical)

These considerations suggest that the numerical model predicts a slightly
different evolution of the damage with increasing level of applied external actions,

resulting in a less ductile behavior.
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4434 Unit HS3

This test unit was characterized by a lower concrete strength (35MPa rather
than 40MPa). For the analyses a peak deformation of 0.0018 was selected. The only
difference between this unit and unit HS2 is the axial load, that is 3 times higher in

this case.
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Figure 60 — HS3 test - force-displacement reponse

Also in this case (as for the previous example), the strength in the initial
stages is a little iverestimated, while it is quite accurate in the later stages. The
ultimate point occurs towards the target displacement at ductility 2.0. The failure
mode was very brittle, therefore the model cannot be expected to capture exactly
the ultimate displacement.

The level of predicted shear deformation appears to be accurate in this case,

as indicated in Figure 61.
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For this unit specific devices to measure the distribution of the shear

deformations over the section depth were available. It is of interest to compare the

shear deformation profiles measured during the test with those predicted in the

column base region by the numerical model.

From the graph of Figure 62 it can be noted that at early stages of testing the

shear deformation distribution was roughly uniform over the section depth, while at

later stages there was a tendency of the maximum value to shift towards the tensile

side of the section. This is in fact what can be observed from the results of the

numerical simulations. Note that the predicted maximum values agree quite well.

120
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45 LIMITATIONS AND FUTURE RESEARCH TOPICS

The proposed beam element model represents a further development of the
model developed by Petrangeli et al. and it was shown that the improved
performance allows more accurate simulation of shear critical cases. The
iImprovement is essentially on the section mechanics and provides a more general
solution to the problem of determining the section forces.

Nonetheless, within the new element several aspects could still be improved
to further refine specific cases of analysis. For example, the problem of rebar bond
on the concrete is one of the major obstacles in the accurate representation of some
types of brittle shear failures. As it was discussed in 1.3.2, the high gradients of rebar
strain along the element length generated by the presence of high shear, often
induce the rebar loss of bond. This latter is generally the cause of instantaneous
strength degradation for the beam or column elements, as the rebar slippage affects
both shear and flexural strength.

The imlementation of a bond-slip model for the longitudinal steel rebars
would greatly improve the element performance. The introduction of a bond-slip
relationship for the steel rebars would in fact require a non-local analysis as the
bond problem (similarly to the shear) cannot be trated locally at the integration
points. The dual section analysis concept would allow a non-local analysis of shear
and bond at the same time. The bond between the concrete and the reinforcing steel
would be monitored between two adjacent sections based on the longitudinal strains
present at the two Gauss points. The same solution algorithm proposed in 1.3.1

could be used to correct the longitudinal strain field based on the actual bond.

As far as the relevance of the distance between the beam integration points,
the numerical examples carried out so far revealed that a characteristic length has to
be considered to select the number of integration points to be used in the specific
case. In fact, it was found that this characteristic length can be assumed as
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approximately 70% of the section depth, irrespective of the element inflection
length. This conclusion is probably not supported by enough evidence and it should
be investigated further. On more slender members it is reasonable to select the
number of Gauss points required to accurately integrate curvatures along the
element length. In case of short members instead, the distance between the Gauss
points requires probably more than one criterion be used to decide where to locate
the monitored points. The solution to this problem could probably be attained by

conducting a number of numerical tests with a parametric procedure.

One of the key aspects requiring improvement is the accurate modelling of
the D-regions and of the effects of them on the element performance. This would
probably require the formulation of a specific finite element to be used in series
with the existing one.

In the general definition of the element, no specific considerations were
made on the increase of the reinforcement strains at the cracks. The model in fact is
not capable of locating each crack and therefore cannot account for this aspect,
which is experimentally observed. Perhaps a simplified solution could be found to
solve in an approximate fashion the problem of these discontinuities. In fact, these
latter are sometimes the cause of the reinforcement sudden rupture, which

determines the element failure.

Another aspect requiring improvement is the possibility of specifying the
stirrups or hoops one by one, and of monitoring the behavior of each at the same
time. This would allow estimating the real amount of transverse steel that is still
working at a specific location, when the damage has fractured one or more layers of

reinforcement.

As it was discussed when presenting the results of the numerical simulations

on the hollow circular piers, many problems appear when trying to model complex
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section geometries. It has to be noted that these limitations are implied when using a
two-dimensional model. The section meshing options described above, were the

result of an effort made in the attempt to reduce a 3D problem to a 2D problem.
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5 CONCLUSIONS
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The present dissertation had the objective of approaching a complex and
specific research topic with a joint effort of experimental and analytical work. A
method was proposed to create a productive interaction between the experimental

evidence and the numerical modelling.

The field of reaserch was first approached by analyzing the current state of
the art attained by both experimental and analytical studies carried out in the recent
past; subsequently, some of the key aspect requiring clarification were identified and
more specific information was examined from the available state of knowledge. The
experimental tests conducted on large size specimens clarified the issues that
remained controversial after the preliminary studies. Specific measurements were
taken on the tested specimens to investigate in more detail some problems
encountered when checking the reliability of simplifying assumptions commonly
used in numerical modelling. It was found that while some of them are sufficiently
accurate and do not require modification, other ones are instead source of
considerable inaccuracy and inconsistency in the simulation of the real behavior.

Further efforts were dedicated to the interpretation of the experimental
results in order to derive the definition of a new beam finite element model, with
innovative features on the representation of the shear behavior. The proposed
model was formulated in the framework of a rigorous and well-known approach
and implemented into a general-purpose finite element code. Numerical simulations
of the response of the tested laboratory specimens were carried out to check the
performance of the proposed model. It was found that the new element presents
improved performance in comparison to other state of the art models and that
results are in good agreement with the experimental evidence. Some limitations
appeared within the new element were identified and theoretical solutions were

suggested as possible subjects of future research.
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The Modified Compression Field Theory was taken as a unique example of
productive interaction between the information attained from laboratory tests and
the formulation of analytical models. Although the MCFT was not directly
employed in the formulation of the beam model, the approach proposed by its
authors was used to select simplifying assumption as a direct consequence of
experimental evidence. Some of the findings attained with the MCFT by studying

membrane and beam elements were in fact confirmed by the present study.

The proposed model would greatly benefit from further comparison with
experimental data. In particular, the aspects that were identified as possible
improvements could be approached by quantifying their importance based on the
experimental evidence. In fact, the difficulty of the present research topic is that
during the response to an earthquake, several other complex problems will appear

due to dynamic effects.
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